
https://www.researchgate.net/publication/259741732_Foundations_Shallow_and_deep_foundations_unsaturated_conditions_heave_and_collapse_monitoring_and_proof_testing?enrichId=rgreq-782b5b74ff3816742d4610e335f61c8e-XXX&enrichSource=Y292ZXJQYWdlOzI1OTc0MTczMjtBUzo0NTAwMTM1OTI1OTIzODRAMTQ4NDMwMzAwOTk0MQ%3D%3D&el=1_x_2&_esc=publicationCoverPdf
https://www.researchgate.net/publication/259741732_Foundations_Shallow_and_deep_foundations_unsaturated_conditions_heave_and_collapse_monitoring_and_proof_testing?enrichId=rgreq-782b5b74ff3816742d4610e335f61c8e-XXX&enrichSource=Y292ZXJQYWdlOzI1OTc0MTczMjtBUzo0NTAwMTM1OTI1OTIzODRAMTQ4NDMwMzAwOTk0MQ%3D%3D&el=1_x_3&_esc=publicationCoverPdf
https://www.researchgate.net/project/LIQUEFACT-Assessment-and-mitigation-of-liquefaction-potential-across-Europe-a-holistic-approach-to-protect-structures-infrastructures-for-improved-resilience-to-earthquake-induced-liquefaction-disas?enrichId=rgreq-782b5b74ff3816742d4610e335f61c8e-XXX&enrichSource=Y292ZXJQYWdlOzI1OTc0MTczMjtBUzo0NTAwMTM1OTI1OTIzODRAMTQ4NDMwMzAwOTk0MQ%3D%3D&el=1_x_9&_esc=publicationCoverPdf
https://www.researchgate.net/project/Stabilization-of-Sedimentary-Soil-using-Alkaline-Cements-Applied-to-the-Deep-Soil-Mixing-Technique?enrichId=rgreq-782b5b74ff3816742d4610e335f61c8e-XXX&enrichSource=Y292ZXJQYWdlOzI1OTc0MTczMjtBUzo0NTAwMTM1OTI1OTIzODRAMTQ4NDMwMzAwOTk0MQ%3D%3D&el=1_x_9&_esc=publicationCoverPdf
https://www.researchgate.net/?enrichId=rgreq-782b5b74ff3816742d4610e335f61c8e-XXX&enrichSource=Y292ZXJQYWdlOzI1OTc0MTczMjtBUzo0NTAwMTM1OTI1OTIzODRAMTQ4NDMwMzAwOTk0MQ%3D%3D&el=1_x_1&_esc=publicationCoverPdf
https://www.researchgate.net/profile/Antonio_Da_Fonseca?enrichId=rgreq-782b5b74ff3816742d4610e335f61c8e-XXX&enrichSource=Y292ZXJQYWdlOzI1OTc0MTczMjtBUzo0NTAwMTM1OTI1OTIzODRAMTQ4NDMwMzAwOTk0MQ%3D%3D&el=1_x_4&_esc=publicationCoverPdf
https://www.researchgate.net/profile/Antonio_Da_Fonseca?enrichId=rgreq-782b5b74ff3816742d4610e335f61c8e-XXX&enrichSource=Y292ZXJQYWdlOzI1OTc0MTczMjtBUzo0NTAwMTM1OTI1OTIzODRAMTQ4NDMwMzAwOTk0MQ%3D%3D&el=1_x_5&_esc=publicationCoverPdf
https://www.researchgate.net/institution/University_of_Porto?enrichId=rgreq-782b5b74ff3816742d4610e335f61c8e-XXX&enrichSource=Y292ZXJQYWdlOzI1OTc0MTczMjtBUzo0NTAwMTM1OTI1OTIzODRAMTQ4NDMwMzAwOTk0MQ%3D%3D&el=1_x_6&_esc=publicationCoverPdf
https://www.researchgate.net/profile/Antonio_Da_Fonseca?enrichId=rgreq-782b5b74ff3816742d4610e335f61c8e-XXX&enrichSource=Y292ZXJQYWdlOzI1OTc0MTczMjtBUzo0NTAwMTM1OTI1OTIzODRAMTQ4NDMwMzAwOTk0MQ%3D%3D&el=1_x_7&_esc=publicationCoverPdf
https://www.researchgate.net/profile/Antonio_Da_Fonseca?enrichId=rgreq-782b5b74ff3816742d4610e335f61c8e-XXX&enrichSource=Y292ZXJQYWdlOzI1OTc0MTczMjtBUzo0NTAwMTM1OTI1OTIzODRAMTQ4NDMwMzAwOTk0MQ%3D%3D&el=1_x_10&_esc=publicationCoverPdf


Bujang CH008.tex 23/2/2012 14: 17 Page 283

8
Foundations: Shallow and deep
foundations, unsaturated conditions,
heave and collapse, monitoring and
proof testing

A. Viana da Fonseca
University of Porto, Portugal

S. Buttling
Senior Principal Geotechnical Engineer, GHD, Brisbane, Australia

R.Q. Coutinho
Federal University of Pernambuco, Brazil

8.1 Introduction 285
8.2 Direct (Shallow) Foundations 285

8.2.1 Solutions to foundations on residual soils � factors that affect
the concept 285

8.2.2 Particular conditions in residual soils 285
Degree of weathering: topographic complexities and
characteristics of profiles 286
Trying not to make the wrong choice of foundation type 289

8.2.3 Main demands for the guarantee of structural limit state conditions 291
Differential settlements caused by heterogeneity in plan and depth 291
Load tests on residual soil and settlement prediction on
shallow foundation 294
Experimental site and analysis of the loading tests 294
Deformability characteristics evaluated from loading tests 297
Conclusion on the methods for prediction of settlement of
footings in residual soils 320
Note on the strength for ultimate capacity evaluation in
residual soils 322
Method to calculate the bearing resistance of spread foundations 323

8.3 Foundations on unsaturated soils 328
8.3.1 Shallow foundations on collapsible soils 329
8.3.2 Deep foundations on collapsible soils 331

Analysis of load/settlement curves 333
Load capacity 334
Effect on the ultimate capacity 335



Bujang CH008.tex 23/2/2012 14: 17 Page 284

8.3.3 Mitigation measures 336
8.3.4 Recent research and developments for dealing with collapsible soils 336
8.3.5 Shallow foundations on expansive soils 337

Formation and distribution of expansive soils 338
8.3.6 Characterisation by swell strains 339

Direct approach 339
Indirect approach 340

8.3.7 Types of foundation that are used in expansive soils 341
8.3.8 Mitigation and preventive measures 343

Excavation and backfill 343
�Ponding�� the foundation soil before construction 344
Soil treated with a stabilisation method 344
Other things that can be done to avoid or mitigate any damage 345

8.3.9 Case Histories 346
Case history 1 346
Case history 2 348

8.4 Indirect (Deep) foundations 350
8.4.1 General concepts 350

Displacement piles 352
Replacement piles 353

8.4.2 Pile design 354
Piles in residual soils: Effects of installation process 355
ISC�2 Pile Prediction Event in Residual Soil in FEUP, Porto 364
Design of axially loaded piles using the LCPC method 372
Driving formulae and wave equation analysis 379
Axial displacements in a single pile 382

References 400
Standards, government and official publications 410
Bibliography 411



Bujang CH008.tex 23/2/2012 14: 17 Page 285

Foundations 285

8.1 INTRODUCTION

Many aspects of foundation design and construction in tropical soils are the same as
those in sedimented soils, about which many text books have already been written. We
have therefore tried to emphasise those aspects of foundation engineering on tropical
soils which are unconventional, based on our combined experiences in many regions
of the world where tropical residual soils exist.

In many parts of the engineering world, limit state design methods are now being
used for geotechnical designs. In some places, for example Australia, they have been
around for 15 years already. In others, such as Europe, they have only recently been
implemented. In the past, when considering shallow foundations on cohesive soils,
an adequate factor of safety (probably 3) on ultimate bearing capacity failure was
considered enough to also provide a limit on settlement. On cohesionless soils, the
ultimate bearing capacities were generally well in excess of what might be required,
and allowable settlement would control the design. Hence, the charts produced by
Terzaghi which showed the bearing pressure that would lead to 25 mm (1 inch) of
settlement for a range of soil densities (SPT N values). Now it is again found that, in
many circumstances, the ultimate limit state can be designed for without difficulty, and
it is the serviceability limit state which governs. To adequately satisfy this limit state
requires a reasonable knowledge of foundation performance, and particularly foun-
dation stiffness. Much of this chapter is devoted to discussing methods of predicting
foundation behaviour.

8.2 DIRECT (SHALLOW) FOUNDATIONS

8.2.1 Solutions to foundations on residual soils � factors
that affect the concept

Foundations in residual soils might be considered as one more aspect of the broad
range of foundation engineering. However, what makes residual soils special is that
they contain the characteristics of all the main soil groups (fine or coarse materi-
als, cohesive or granular soils etc.), and they fit in between soils and rock masses in
what can be classified as �Intermediate Geotechnical Material�� (IGM), see Figure 8.1.
As a result, foundation performance can be very variable and designs can often be
based on adaptations of designs suited to either soils or rocks. Regional practice and
local experience can help to find satisfactory solutions, generally empirical, but they
are no substitute for detailed soil investigation of heterogeneities, and monitoring of
foundation construction (e.g. by automated pile construction monitoring).

8.2.2 Particular conditions in residual soils

Microstructure, non-linear stiffness, small and large strain anisotropy, weathering
and its effects on structure, consolidation characteristics and strain rate dependency
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Figure 8.1 Uncertainties due to heterogeneities of residual profiles (After Milititsky et al., 2005)

(Schnaid, 2005) are all very important factors in assessing the mechanical character-
istics of natural soils, therefore new techniques of measuring soil properties or, better
still, new interpretation methods (Viana da Fonseca and Coutinho, 2008) are required.
Most of the soils are unsaturated, and need to be dealt with carefully. Since bonded
geomaterials, such as residual soils, are highly variable, the interpretation of their
mechanical behaviour is complex. Because of the variability, one suitable solution
involves cross-correlation of multiple measurements from different tests, but it is even
better to have more measurements in one test.

Igneous rocks, like granite, are composed mainly of quartz, feldspar and mica.
Quartz is resistant to chemical decomposition, while feldspar and mica are transformed
mainly into clay minerals during the weathering process. The effects of temperature,
drainage and topography have reduced the rocks in place to residual soils that range
from clays to sandy silts and silty sands, grading with depth into saprolite and partially
weathered rocks. As weathering proceeds, the reduction in vertical stress as a result of
the removal of overburden accelerates the rate of exfoliation (stress release jointing)
and the alternate wetting and drying processes in the underlying fresh rock (Viana da
Fonseca and Coutinho, 2008). These processes increase the surface area of rock on
which weathering can proceed, which leads to deeper weathering profiles (Irfan, 1988;
Ng and Leung, 2007b).

Depending on the degree of alteration, some residual soils lose all the features of
the parent rock, while others, as illustrated in Figure 8.2, have clear relict structure
(Rocha Filho, 1986; Costa Filho et al., 1989; Viana da Fonseca, 2003). Examples
of relict structures include evidence of bonding or dissolved bond features, as well as
cracks and fissures from the original fractured rock mass (Mayne and Brown, 2003).

Degree of weathering: topographic complexities and characteristics of profiles

Looking at the weathering profile from the bottom upwards, one can find materials
grading all the way from fresh rock, through slightly and moderately weathered rock,
to soil which retains the characteristics of rock (called young residual or saprolitic soil),
to the upper horizon where no remaining rock characteristics can be seen (known as
mature residual or lateritic soil). The upper layers may be mixed with transported soil,
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Figure 8.2 Parent rock with potentially unstable weak features (Porto, Portugal)
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Figure 8.3 Typical profiles of Brazilian residual soils � some zones may be absent (After Vargas, 1985)

such as colluvium, which may be difficult to distinguish from the true residual soils.
Figure 8.3 presents a proposal for the classification of such profiles. Unfortunately, the
sequence is exactly the opposite of that of weathering grades proposed by Dearman
(1976), in which Grade I represents Fresh Rock, and Grade VI Residual Soil. Therefore,
the term Zone will be used as in the diagram in Figure 8.3.

Zone II (lateritic soil) is usually formed under hot and humid conditions involving
high permeability profiles, resulting in a bond structure with high contents of oxides
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and hydroxides of iron and aluminium (laterisation). Not all soils belonging to this
horizon develop enough pedogenetic evolution for laterisation. The Zone III (saprolitic
soil) can show a high level of heterogeneity both vertically and laterally as well as a
complex structural arrangement which retains the characteristics of the parent rock.
The texture and mineralogy of these soils can vary considerably with the degree of
weathering and leaching. In a tropical region the weathering profile often shows a very
narrow or inexistent Zone V, while in temperate climates this zone can be reasonably
thick.

Mitchell and Coutinho (1991), Lacerda and Almeida (1995), and Clayton and
Serratrice (1998) each present a general view of many soils which are called unusual
soils (Schnaid et al., 2004; Coutinho et al., 2004a), including bonded soils, granitic
saprolitic soil and lateritic soils, and unsaturated collapsible soils. Bonding and
structure are important components of shear strength in residual soils, since they
have a major impact on the cohesive-frictional response (characterised by c� and ��).
Anisotropy, derived from relict structures of the parent rock, can also be a characteristic
of a residual soil. In those conditions, the structure formed during the weathering pro-
cess can become very sensitive to external loads, requiring special sampling techniques
in order to preserve it. This topic of sampling representativeness is very sensitive in
these materials and is discussed in Viana da Fonseca and Coutinho (2008). The effects
of sampling on the behaviour of soft clays, stiff clays, and sands, is described in Hight
(2000) as well as the improvements that have been made to more common methods of
sampling, which have enabled higher quality samples to be obtained. Residual soils are
too variable to index them as clays or sands, or as intermediate materials, but certainly
their behaviour is very much dependent on their macro- and micro-interparticle bonded
structure, which has to be preserved both when they are weak (sensitive to induced
strains) or stronger (less weathered profiles). Conventional rotary core sampling and
block sampling are considered suitable techniques to obtain sufficiently intact samples
for determining shear strength and stiffness of soils derived from in situ rock decom-
position. In Portugal, as in Hong Kong, the Mazier core-barrel is becoming common
for soil sampling (Viana da Fonseca and Coutinho, 2008). When a soil sample with
the least possible disturbance is required, the block sampling technique can be applied.

Local experience in Hong Kong has found the Mazier technique to be the most
suitable sampling method available for weathered granular materials at depths (Ng
and Leung, 2007a). However, comparable studies between samples recovered by this
method and block samples, carried out in the University of Porto (Ferreira et al., 2002),
have proved that the Mazier technique is very sensitive to the execution process, par-
ticularly for the pressure, flow volume and type of drilling fluid, putting the natural
structure at risk for the more weathered and granular profiles. Some results are pre-
sented in Figure 8.4. In Ng and Leung (2007a), and again in Ng and Leung (2007b),
the authors note that the shear-wave velocities of the block specimens were an average
27% higher than those of the Mazier specimens.

Usually, the void ratio and density of a residual soil are not directly related to its
stress history, unlike the case of sedimentary clayey soils (Vaughan, 1985; Vaughan
et al., 1988; GSEGWP, 1990; Viana da Fonseca, 2003). The presence of some kind
of bonding, even weak, usually implies the existence of a peak shear strength enve-
lope, showing a cohesion intercept and a yield stress which marks a discontinuity
in stress-strain behaviour. The structure in natural soil has two �faces��: the �fabric��
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Figure 8.4 Normalised shear wave velocities, for different types of samplers used in residual soil from
granite in two experimental sites in Porto (After Ferreira et al., 2004)

that represents the spatial arrangement of soil particles and inter-particle contacts,
and �bonding�� between particles, which can be progressively destroyed during plastic
straining (leading to the term �destructuration��). Most, if not all, geomaterials are
structured, but the mechanical response of naturally bonded soils is dominated by this
effect (Leroueil and Vaughan, 1990). Here the cohesive component due to cementa-
tion can dominate soil shear strength, especially in engineering applications involving
low stress levels (Schnaid, 2005) or in specific stress-paths where this component is
relevant, such as cut slopes.

Trying not to make the wrong choice of foundation type

Residual masses generally exhibit stronger heterogeneity than deposited soils, chang-
ing their characteristics gradually both laterally and vertically, especially with regard to
their mechanical properties. As a result, it is common to have to adopt different foun-
dation types, such as shallow foundations (footings and mats) and deep foundations
(piles), within very limited areas, depending upon the consistency of the overburden
soils and the depth to parent rock (Figure 8.5). An accurate mapping of the spatial
variability of the mechanical properties, essential for geotechnical design, is very chal-
lenging although the situation has improved recently by the use of geophysical methods
(Viana da Fonseca et al., 2006). Several in situ testing methodologies, such as Stan-
dard Penetration Testing (SPT), Cone Penetrometer Testing (CPT), Dilatometer Testing
(DMT), Pressuremeter Testing (PMT) and Self Boring Pressuremeter Testing (SBPT),
and geophysical survey, surface and borehole seismic tests, electrical resistivity and
Ground Penetrating Radar (GPR), have been used to assess the mechanical properties
of these particular soils, with varying degrees of success (Figure 8.6).

The water table is in many cases deep in the profile; hence there is a significant
layer of unsaturated soil. In this case, the role of matrix suction and its effect on soil
behaviour has to be recognised and considered in the interpretation of in situ tests.
The main difference between saturated soils and unsaturated soils is the existence of
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Figure 8.6 Multiple solutions for in situ testing of characterisation in complex and highly heterogeneous
weathered rocks and/or residual soils (After Viana da Fonseca, 2006)

negative porewater pressures, largely known as suction, which tends to increase the
effective stresses and hence the strength and stiffness of the soil.

Residual soils derived from a wide variety of parent rocks can also be collapsible,
which has serious consequences for foundation behaviour. Collapsible residual soils
have a metastable state characterised by a honeycomb structure and partially saturated
condition that can develop after a parent rock has been thoroughly decomposed or
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Figure 8.7 View and section through building and car park (After Gaba et al., 2004)

while the decomposition is continuing (Vargas, 1971). Commonly, collapsible residual
soils form under conditions of heavy concentrated rainfalls in short periods of time,
followed by long dry periods, high temperature, high evaporation rates, and flat slopes,
so that leaching of material can occur. There are two mechanisms of bonding in the
metastable soil structure: soil water suction and cementation by clay or other types of
fine particles. Collapsible residual soils usually have low activity and low plasticity.
Colluvial deposits (or mature residual soils) can become collapsible in environments
where the climate is characterised by alternating wet and dry seasons that cause a
continuous process of leaching of the soluble salts and colloidal particles much like
residuals soils (Mitchell and Coutinho, 1991).

8.2.3 Main demands for the guarantee of structural limit state
conditions

Differential settlements caused by heterogeneity in plan and depth

Foundation displacements can be considered both in terms of displacement of the entire
foundation, and differential displacements of parts of the foundation. As well stated
in structural codes such as EN1997-1, to ensure the avoidance of a serviceability limit
state, assessment of differential settlements and relative rotations shall take account of
both the distribution of loads and the possible variability of the ground, unless they
are prevented by the stiffness of the structure. Because of the heterogeneity inherent
in weathered rock masses and residual soils,as discussed above, where the state of
weathering, decomposition and fracturing of the rock may vary considerably in depth
and plan, this conditions the design of spread foundations or other mixed solutions.

Foundations for special projects, such as that described by Gaba et al. (2004), have
to be developed in a way that they ensure strict settlement control. In this case history,
the ground investigation, interpretation and foundation design and construction for
the Casa da Mœsica do Porto, Portugal, is described. The overall project comprised
detailed multi-disciplinary design of the structure, foundations and building services
for a 20,000 m2, high quality concert hall (Figure 8.7).

The ground investigation included boreholes, with SPT and dynamic prob-
ing (DPSH and jet grout probing) correlated to be used in the foundation design.
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A shallow foundation option, with a methodological improvement of specific zones
by jet-grouting, was considered.

Boreholes identified a sequence of residual soil overlying completely decomposed
granite (Grade V) over highly and moderately weathered granites (Grade IV and III)
below final formation. Grade III granite or better was considered to be competent
rock, and a suitable founding material. The boundary between Grade IV and Grade III
granite was therefore selected as �engineering rock head�� (ERH) for design purposes.
The thickness of each weathering grade above this level was found to vary signifi-
cantly across the site, especially the Grade V granite, presenting potential problems
with differential settlements across the structure. Probing was therefore carried out to
investigate this variability in more detail. In order to determine the elevation of the
ERH with a greater degree of certainty, �jet grout probes�� were made (Figure 8.8a).
This probing was carried out by drilling through the residual soil and weathered rock
using a jet-grouting rig until it met refusal. This technique was chosen because of the
ready availability of appropriate plant on site and the relative speed with which the
probing could be carried out in comparison with drilling boreholes. This meant that
a large number of locations could be probed in a short period of time and the ERH
level defined in an expeditious way (Figure 8.8b). The probing was carried out along
the lines of load bearing walls and at column locations within the building footprint.

The design of the building used the soil stiffness derived from the penetration tests,
and the loading of each zone was modelled using the Oasys computer program VDISP
(Oasys, 2001). From these analyses, spring stiffness values for each zone were derived
and input into a structural model of the building in order to assess the bearing pres-
sures and anticipated settlements. The foundations were represented in the structural
analysis as �slab on Winkler soil�� finite elements. The design criteria required limits on
total and differential settlement. The structural analysis demonstrated that it was not
feasible to satisfy the settlement criteria using a shallow foundation scheme, even with
ground improvement. A piled solution was therefore adopted, in which end bearing
and shaft friction in a socket extending 1 m below ERH provided sufficient geotechni-
cal load capacity for the piles and a stiff loading response, and resulted in the structural
capacity of the concrete being the limiting factor in pile design. An allowable working
concrete stress of 5 MPa was adopted.

In order to ensure satisfactory construction of the piles, construction controls
and acceptance criteria were applied. These included specifying target foundation
depths and maximum pile bore penetration rates at the founding level. Integrity testing
confirmed that the piles were sound and of good quality construction.

There are several other case histories reported in the literature, where the spatial
development of the weathered rock and residual soils is highly irregular and erratic. In
the city of Porto, the design and construction of the Metro was based on weathering
grades and structural features which were used for the derivation of the design param-
eters (Babendererde et al., 2004). The highly variable nature of the deeply weathered
Porto granite posed significant challenges in the driving of around 7 km of tunnels
in largely populated urban areas, involving a large number of underground stations.
The change from one weathered zone to another is neither progressive nor transitional
(Viana da Fonseca, 2003; Babendererde et al., 2004; Marques et al., 2004), moving
abruptly from a fresh granitic mass to a very weathered soil-like mass. The thickness
of the weathered parts varies very quickly from several meters to zero. Blocks of sound
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Figure 8.8 (a) Plan of the ground investigation; (b) Contours of engineering rock head within building
footprint (After Gaba et al., 2004)

rock (boulders or corestones), of various dimensions can �float�� inside completely
decomposed granite. Weathered material, either transported or in situ, also occurs in
discontinuities. A particularly striking feature is that, due to the erratic weathering of
the granite, weathered zones of considerable size, well beyond the size of typical �boul-
ders��, can be found under zones of sound granite. A typical case of this is illustrated
in Figure 8.9 showing the appearance of Porto granite in the face of an excavation for
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Figure 8.9 Appearance of Porto granite in the face of an excavation (Babendererde et al., 2004) for the
new football F. C. Porto stadium and distinct foundations solutions as designed by Campos
e Matos et al. (2004)

the new football stadium of F. C. Porto. Fracturing of the rock mass and heterogeneity
in weathering is obvious.

Load tests on residual soil and settlement prediction on shallow foundation

Semi-empirical methods, based on linear and non-linear behaviour models, mainly for
settlement prediction purposes, are often used for the design of shallow foundations.
Viana da Fonseca (1996 and 2001) discussed the applicability of such methods, by ana-
lyzing the results obtained at an experimental site on a fairly homogeneous saprolitic
soil derived from granite. This included in situ and laboratory tests, together with a
full-scale load test on circular concrete footings. The information obtained in terms of
strength and stiffness was combined, with the aim of refining some of the approaches
based on the Theory of Elasticity. Emphasis was especially given to semi-empirical
methods based on results of in situ tests (SPT, CPT, PLT, PMT, DMT and Seismic
Cross-Hole tests), but also on the use of results from very precise triaxial tests on
high quality samples. Some of the well established methods (Parry, 1978; Burland and
Burbidge, 1985; Anagnastopoulos et al., 1991; Schmertmann et al., 1978; Robertson,
1990, 1991; Ghionna et al.. 1991; or Wahls and Gupta, 1994 � see below) were tested
and some adaptations to parameters and methods were suggested that gave a better fit
to the observed behaviour.

Experimental site and analysis of the loading tests

The experimental work was carried out at a site (around 50 m × 30 m) in which a homo-
geneous saprolitic soil 6 m thick had been identified by a previous site investigation.
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Figure 8.10 Overview of the weathered profile revealed in a fresh cutting on the experimental site

Geologically, the parent rock is representative of the granite from Porto region (Viana
da Fonseca, 2003). Figure 8.10, taken at the end of the experimental investigation
and prior to the construction of a new building for a District Hospital, gives a clear
overview of the general saprolitic profile developing with depth.

Apart from the natural spatial variation of the relict structure and fabric of these
residual soils, there is evidence of a reasonably homogeneous geotechnical profile, as
revealed by results obtained from specimens taken with the SPT sampler and from
blocks. A detailed description of the extensive testing programme is given in Viana da
Fonseca (2003). Only the results of SPT, CPT and DMT tests and the values of the
maximum shear modulus, G0, obtained from CH tests are shown here in Figure 8.11.
It is observed that the CPT cone resistance, qc, the N60 from SPT and p0 and p1 from
DMT, show a nearly linear increase with depth (or vertical effective stress, � �

v0), whilst
G0 appears to be almost constant.

The loading test of a full scale circular concrete footing, with a diameter of 1.20 m
and fully instrumented, was carried out (Figure 8.12a), and is described in detail in
Viana da Fonseca (2001). The resulting complete pressure-settlement curve shows a
clear increase of the settlement rate with load for pressure values exceeding around
125 kPa (Figure 8.12b).

The time for settlement stabilisation at each load step significantly increased above
this pressure, representing a transition from an essentially elastic behaviour, confirmed
by the small difference between the inclination of the first loading curve and that of
the first unload-reload cycle, to a phase in which the cemented structure of the soil
was substantially damaged. Serviceability limit state pressure, applying the criterion
proposed by DØcourt (1992), is defined by a settlement of 0.75% of the diameter
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Figure 8.11 In situ test results: (a) SPT and CPT; (b) CH and DMT
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Figure 8.12 (a) Plan of the experimental area; (b) pressure-settlement curve of the footing loading
test � general picture and enlargement for qs � 300 kPa (After Viana da Fonseca, 2001)

of the loading surface, which corresponds to an applied pressure of about 195 kPa.
Viana da Fonseca et al. (1997) discussed the strain distribution under the centre of
the footing obtained from a simplified nonlinear elastic analysis, for applied pressures
of 100, 200 and 400 kPa, corresponding to a value near to the serviceability limit
state pressure, and to half and twice that value; strain values exceed 10�3 only in a
restricted zone adjacent to the footing. These results corroborate evidence (Jardine
et al., 1986; Burland, 1989; Tatsuoka and Kohata, 1995) of the rather low strain
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Figure 8.13 Pressure-settlement curve of the plate loading tests (D = 30 and 60 cm)

levels involved in a number of soil-structure interaction problems, including shallow
foundations, under working conditions. The analysis of vertical displacement of the
ground surface around the footing, and the horizontal displacements at the surface and
in the ground in its vicinity were also discussed by Viana da Fonseca (2001). Based
on the evidence presented, it can be stated that the applicability of elasticity theory to
a settlement analysis under service conditions, is reasonable from a practical point of
view. In residual soils, the bearing capacity is due to strength factors related to friction
and cohesive components of the stressed ground. Reliable results for these can only
be determined by two or more in situ loading tests, using different sizes and over a
homogeneous space.

The execution of more than one loading test to define failure patterns has the
advantage of allowing an integrated analysis of different pressure-displacement curves,
enabling the importance of both stiffness and depth of influence to be studied. On
the same homogeneous soil zone as the footing loading test, two more surfaces were
prepared for testing smaller plates of 30 and 60 cm diameter (Figure 8.13). An analysis
of punching type failures in these residual soils has been made and from those failure
loads (Viana da Fonseca et al., 1997), in the bearing capacity formulation (EN 1997-1),
taking account of the water level position, three equations are obtained. These can
be optimised to get a range for the two Mohr-Coulomb strength parameters. The
derived values were: c� �= 7 kPa and �� �= 37�, revealing a fair agreement with the results
obtained from extensive laboratory testing of undisturbed samples (Viana da Fonseca,
1998) and from in situ testing (Viana da Fonseca et al., 1998).

Deformability characteristics evaluated from loading tests

The common interpretation of the results taken from loading tests on three different
sized loaded areas was done by considering Young�s modulus constant with depth,
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Table 8.1 Ratios between in situ tests parameters (After Viana da Fonseca et al., 2001, 2003, 2006)

qc/PL N60/PL (MPa�1) N60/EPMT (MPa�1) EPMT/PL EPMTUR/EPMT ED/EPMT

4�6 14.6 1.4 10�12 1.4�1.9 �= 1.5

N60 � 0 number of blows in SPT for an energy ratio of 60%; qc � CPT cone resistance; EPMT,EPMTUR � pressuremeter
modulus (�elastic�� and unload/reload); ED � Dilatometer modulus; PL � Net limit pressure of PMT

and by assuming an increase in stiffness with depth (Viana da Fonseca, 1999; Viana
da Fonseca and Cardoso, 1999). From these analyses, the trend of increasing values
of Young�s modulus with the loading area is clear. Therefore, the first conclusion
to be drawn is that an increase in stiffness with depth is to be expected and has an
obvious relation to the results of penetration testing with depth (more than the very
smooth increase of the dynamic modulus, G0). The position of the settlement centre, zI
(Carrier and Christian, 1973), for circular foundations, was determined to be zI �= B.

It is interesting to note that, considering the results of the CID triaxial tests (details
below) under a consolidation effective stress corresponding to a depth similar to the
footing diameter, the tangent Young�s modulus for the K0 shear stress level was found
to be EtK0 �= 8 MPa. The use of such a modulus in an elastic analysis of the footing
loading test would lead to a crude overestimation of the observed settlement. However,
if EtK0 is multiplied by a factor of �sampling representativeness�� (G0/Gel) one obtains
a value that would provide a good prediction of the settlement for typical working
conditions (the methodology is thoroughly discussed in Viana da Fonseca et al., 1997).
This observation suggests that the application of a design methodology that corrects
the values of the deformation modulus from triaxial tests by factors referenced to field
tests (Cross-Hole tests or similar) may give good results.

Correlations between in situ test parameters
Viana da Fonseca et al. (2001, 2003, 2006) made an analysis of two experimental sites
on Porto granite saprolitic soils, including derived ratios between PMT and SPT or
CPT parameters. Some correlations are included in Table 8.1.

Ratios between distinct values of Young�s moduli inferred from the investigations
conducted have the obvious interest of fulfilling the needs of geotechnical designers to
obtain data from different origins for each specific purpose.

Viana da Fonseca et al. (2001, 2003) and Topa Gomes (2009) reported some
interesting correlations from data available in local sites: (i) values of Young�s moduli
determined directly, with no empirical treatment, or without deriving assumptions;
(ii) common constant ratios that are assumed to correlate SPT (DP) or CPT parameters
with Young�s modulus, comparing them with transported soils; (iii) relative values of
moduli can be summarised in the way that is expressed in Table 8.2a, while some
relations could be pointed out between in situ tests, as expressed in Table 8.2b.

It is interesting to note that, for most designs, Sabatini et al. (2002) state that
the elastic modulus corresponding to 25 percent of failure stress, E25, may be used.
In Piedmont residual soils, the use of the dilatometer modulus, ED, as equal to E25
has been shown to provide reasonably accurate predictions of settlement (Mayne and
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Table 8.2a Ratios between deformability (Young and Shear) modulus (AfterViana
da Fonseca et al., 1998a, 2001, 2003;Topa Gomes, 2009)

E0(CH)/Es1%(PLT) E0(CH)/Eur(PLT) E0(CH)/Em G0(CH)/Gur(SBP)

�= 8�15 �= 2�3 �= 20�30 �= 1.7�3

CH � seismic cross-hole tests; PLT � plate load tests

Table 8.2b Average ratios betweenYoung�s modulus and in situ�gross�� tests (After
Viana da Fonseca et al., 2003)

E0(CH)/N60(SPT) E0(CH)/qc(CPT) E0(CH)/qd(DPL) E0(CH)/PL(PMT)

�= 10(MPa) �= 30 �= 50 �= 8

CH, PLT � ibidem; N60, qc, qd, pL - resistance values

Frost, 1988). However, the specific evaluation of E/E0 associated with this FS equal
to 4 (E25) was found to be 0.34.

The specific application of footing settlement prediction methods based on
in situ tests
Viana da Fonseca (2001) adapted some solutions available in the literature that use
SPT parameters for settlement evaluation, and the following conclusions were reached.

Methods based on SPT

Terzaghi and Peck (1967)
SPT is really a crude test developed from a method developed by the Raymond Piling
Co. in 1912 to obtain samples of the soil at the base of their bored piles. A thick walled
5 cm diameter steel tube was hammered into the ground to obtain the sample, and it
was realised that the energy required to cause penetration gave an indication of the
strength of the ground. The test was very easy to do because little special apparatus
was needed in addition to the heavy well boring equipment already being used on the
site. Through the years very many tests were carried out, but research workers were
somewhat unhappy about the non-scientific nature of the test, and were doing their
best to have it replaced by a penetration test such as the Dutch cone test, when Terzaghi
and Peck published their semi-empirical method for estimating settlement in granular
materials. As it is recognised today, the predictions are very conservative and, in the
present case, the observed settlement would have been predicted under a load of … to
‰ of that actually applied. As a result it will not be developed further here.

Parry (1978)
The method of Parry (1978) is based on the expression of the Theory of Elasticity for
the calculation of settlements:

s = q • B •
1 � v2

Es
• Is (8.1)
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with the deformation modulus taken as a function of an average value of N60 deter-
mined in the depth 2B below the footing base (NP), where N60 is the SPT number of
blows, allowing for the method of dropping the driving weight and assuming a 60%
efficiency, and the suffix P refers to Parry.

Es = NP/�P (8.2)

In the study presented by Viana da Fonseca (2001), the parameter �P for the best
adjustment ranged from 0.2�0.3, although only for the lower stress levels, becoming
strongly non-conservative for stress levels above the �elastic�� threshold. Its limitation
is mainly due to the fact that it does not consider the non-linearity of stiffness with
depth of the influence zone in relation to the dimension of the loaded area, which
is not in agreement with reality (Jardine et al., 1986; Burland, 1989; Tatsuoka and
Shibuya, 1992). There is a risk therefore, when extrapolating to larger loaded areas
(which are usually the case), of overestimating the settlements by calculating them on
the basis of an average value of N60 over the depth of 2 • B, particularly in soils that
exhibit increasing stiffness with depth.

Burland and Burbidge (1985)
This proposed method for settlement calculation uses an average value of N60,
determined over a depth below the footing base (NBB), through the following
expression:

s = �BB •
B0.7

NBB
1.4 • qs (8.3)

with �BB varying between 0.93 and 3.09, and 1.71 being the most probable value.
In the expression, B denotes footing width, qs the average contact pressure, and the
suffix BB stands for Burland and Burbidge.

When applied to residual soils in Porto, using �BB = 1.71, the method was found
to be grossly conservative, giving rise, for average service stress conditions, to ratios of
2 to 3 between predicted values and those observed. With the purpose of best adapting
the method to suit the experimental results, the values of �p and �BB were calculated
to obtain convergence for the two, following typical values of settlements:

(i) s/B = 0.75%, a level corresponding to a certain �elastic�� threshold;
(ii) s = 25 mm, the limit value in accordance with Terzaghi and Peck proposal.

It was then concluded that:

(i) the approach of limiting the settlement to 25 mm produces a reasonable consis-
tency of values in the two cases. This is a consequence of assuming a factor of
0.7 for the minimum size of the loaded area B.

(ii) for the same approach, the method of Parry gives values with slight variations
for �P, resulting in much greater reduction of B (factors of 0.32�0.44) than the
maximum proposed by the author (0.30);

(iii) the approach using the �elastic�� threshold level (s/B = 0.75%) which is consid-
ered more realistic, confirms the good results from the Parry method for loading
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over relatively small areas; it being noticed, however, that there is an increasing
value of � with increasing foundation size from the plate to the footing, indicat-
ing the beginning of a breakdown in the assumption of direct proportionality
with B;

(iv) it should be noted that for this approach, the values obtained for �BB were very
low (0.63, for the footing, and 0.50 for the plate of 60 cm of diameter) compared
with the initial proposals (0.93�3.09).

This last result shows that residual soils studied possess a more pronounced struc-
tural stiffness than those analysed by Burland and Burbidge, which did not include
residual soils. From the work of Rocha Filho (1986), the application of the Burland
and Burbidge proposals to the results of loading tests on shallow foundations and
plates with diameters from 0.40 to 1.60 m, carried out on residual soils from gneiss
in the university campus of PUC in Rio de Janeiro, resulted in ratios of calculated to
observed settlements of between 1.5 and 2.5. The ratios obtained in this study are even
larger (2.7�3.4).

Another reason for lack of agreement with the Burland and Burbidge method when
applied to residual soils may lie in the fact that the influence zone considered should
be smaller than that suggested, due to the higher rate of stiffness increase with depth
caused by the simultaneous increase of confining stress as the degree of weathering
decreases. It can be considered that the proposal of Burland and Burbidge (1985)
will be applicable to larger foundations resting on residual soils (for example B = 3�
4 m), readopting the average value of coefficient �BB. For the case of s/B = 0.75, the
following conservative value is suggested:

�BB (saprolitic soil from granite) =
�BB (original)

2
=

1.71
2

= 0.85 (8.4)

Anagnastopoulos et al. (1991)
The authors processed statistically 150 cases of shallow foundations with several sizes
and subjected to different load conditions, mainly on sandy soils (of different origins),
and proposed the following expression:

s = f
qnq • BnB

NnN
(8.5)

The terms were obtained by multiple regression, with priority for the dependent
variables as a function of the relative influence of each one. It should be noted that the
expression of Burland and Burbidge (1985) constitutes a particular case of this more
general one, with f = 0.93 � 3.09; nq = 1; nB = 0.7 and nN = 1.4.

It is interesting to observe that the parameters proposed by Burland and Burbidge
are reasonably similar to those indicated by Anagnastopoulos et al. (1991)as repre-
sentative of all sets of studied cases.On the other hand, it is to be noted that there is a
high dispersion of the parameters corresponding to the several classes of stiffness, and
of the size of the loaded surface. In order to obtain the parameters that give the best
agreement with the experimental results, Viana da Fonseca (2001) suggested that the
proposals of Burland and Burbidge (1985) be used for the influence depth z = B0.75
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and for the factor nN (=1.40). With these factors fixed, multiple regression analyses
were carried out assuming the following variants:

(i) the nq exponent was allowed to be greater than 1, which corresponds to consid-
ering the non-linearity of the solution, and the best fit of the curves was found
for a bearing pressure qs = 400 kPa;

(ii) a linear solution was assumed (nq = 1) and the convergence for values of the
settlement defined for s/B = 0.75%.

Figure 8.14 shows a comparison between the curves obtained for those two
hypotheses, illustrating the following: (i) excellent agreement between the theoreti-
cal and the experimental results when using the value nq = 1.23. The resulting non
linearity causes the value of the constant f to be reduced to 0.18, much lower than
the value of 0.60 usually defined in linear elasticity; (ii) the imposition of a linear
relationship, as shown by Figure 8.14(b), always implies a subjective approach; the
values of the constant �BB obtained for the hypotheses associated with the Burland and
Burbidge (1985) proposal, are similar to the one now deduced (f = 0.60), depending
on the value of B being equally large.

From this, it can be concluded that the sensitivity analysis, by applying exponents
to the factors that influence the development of settlements of shallow foundations
under service loads, seems to offer a good method for prediction. This, however, needs
future confirmation by other experimental studies, in particular those including larger
loaded areas. To summarise the results obtained with SPT based methods, it can be
stated that:

(i) the depths over which the values of NSPT should averaged, can be accepted in
the same terms as stated by Burland and Burbidge (1985);

(ii) the non-linear exponents, in relation to the applied load (nq) should be assumed
to be greater than unity (the deduced resulting value was around 1.23), causing
relatively low constants, e.g. for safety, f = 0.20;

(iii) although these comparative analyses of the test results indicate nB values close
to 1, smaller values should be adopted (for example, nB = 0.7, as proposed by
Burland and Burbidge, 1985) when designing shallow foundations with dimen-
sions generally larger than 2 to 3 m. This method reflects the reducing
dependence of settlements on increasing values of B (Bjerrum and Eggestad,
1963).

Methods based on CPT
Schmertmann et al. (1978)
The semi-empirical method of Schmertmann (1970), upgraded in Schmertmann et al.
(1978), assumes a simplified distribution of the influence factor for the vertical strains
under the footing, with these formulations:

s =

2•B(4•B)�

0

�z dz �= �p •

2•B(4•B)�

0

Iz

Ez
dz �= C1 • C2 •

n(2•B;4•B)�

i=1

Izi

Ezi

• �Zi (8.6)
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Figure 8.14 Determination of values for f ,nB and nq that give best agreement with experimental results
(a) for the non-linear relation nq < 1 and (b) the linear relation nq = 1 [ng fixed at 1.40]

the values of which are computed on the basis of a deformation (secant) modulus
variable with depth, which can be correlated with the CPT cone resistance:

ES(z) = � • qc,CPT (Z) (8.7)
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Figure 8.15 The effect of varying values for � (After Viana da Fonseca, 2001)

where, ES(z) represents Young�s Modulus at depth z and qc represents static cone
resistance at the same depth. In granular soils, the values of the coefficient � are:

� = 2.5 for axisymmetric loadings;
� = 3.5 for plane loading conditions;

Robertson et al. (1988) have suggested that � should increase to:

3.5 < � < 6.0 in aged soils;
6.0 < � < 10.0 in overconsolidated soils.

This method was applied to the load test in residual soils by adjusting the � parame-
ter in order to fit the observed curve (Viana da Fonseca, 2001). As shown in Figure 8.15,
the best agreement was achieved with values of 4.0 to 4.5. These relatively high values
should probably be attributed to the influence of the cemented structure of the sapro-
litic soil, being situated in the range referred to by Robertson et al. (1988) as applicable
for aged sands.

Robertson method
This method is based on the results of CPT tests carried out under the area to be loaded,
and it incorporates factors related to the degree of stress induced by the foundation and
the effects of the stress-strain history (including the natural structure of the ground).

Figure 8.16 represents the normalised values of the shear modulus for very small
strains, G0, obtained from cross-hole testing, as a function of the normalised cone
resistance, qc1, defined by Robertson (1991).
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From an analytical interpretation of these plotted results, the following is
obtained:

�
G0/qc

qc1

�

porto saprolitic soil

�= 1.8 � 2.0
�

G0/qc

qc1

�

non�cemented sands
(8.8)

revealing that the natural cemented structure of these residual soils generally induces
higher values of the ratio between the elastic or �pseudo-elastic�� stiffness and
the strength, than those corresponding to transported soils, either normally or
over-consolidated. This tendency is especially noticed at low confinement stress lev-
els, revealing a relative independence of the shear modulus at low strain levels
(<10�6�10�4) in relation to the at rest stress states (Tatsuoka and Shibuya, 1992).
We should also note that the results obtained for the normalised cone resistance, qc1,
vary between the values of 100�300, the mode being about 150. This corresponds, in
sedimentary soils, to dense sands. Figure 8.17 shows the relationship between Es/qc
and load level, qser/qult, obtained from the results of the footing load test, together
with curves indicated by Robertson (1991) for dense sands. Also shown, in the inset,
are similar curves proposed by Stroud (1988) for over-consolidated (aged) sands.
The curves for dense sand and those obtained from test results shown in the main
Figure 8.17 and in the inset are the same, but to a different scale in order to permit
a comparison with Stroud.
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Figure 8.17 Es/qc versus qser/qult from the footing load test. Comparison with Robertson (1991)

From consideration of the three curves shown by Figure 8.17, it can be concluded
that:

(i) for very low load levels, below around 10% of ultimate, the non-linearity of the
relationship of Es/qc with qser/qult is much more accentuated for clean sands,
even when over-consolidated (aged), than for the granitic saprolitic soil. This
may be the consequence of a larger material stability in the saprolitic soil, due to
the cemented structure between particles;

(ii) for higher load levels, there is a good agreement between the experimental curve
for the saprolitic soil and the proposal of Stroud (1988) for over-consolidated
sands.

It should be noticed however, that the values of the qc1 (�=150) indicated by Stroud
(1988) for the test results, are typical of the middle range for dense over-consolidated
sands, with ageing.

With shallow foundations on saprolitic soils derived from granite, the dependence
of the secant deformability modulus on the load level seems to represent, in a consistent
way for the highest load levels, the proposal of Stroud, according to Robertson (1991),
to use the value qc/N60 = 5.

Methods based on PLT
Ghionna et al. (1991)
The Ghionna et al. (1991) method considers the dependence of the deformability mod-
ulus on the normalised stress-strain levels. It uses a hyperbolic relationship to model
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Table 8.3 Hyperbolic K and n parameters for different triaxial testing results

Deformation Modulus K n

Eel (linear elastic) 35660 0.263
Eur (unload-reload) 19637 0.250
Eti,h (hyperbolic, q = 70�95% of qf) 2749 0.539
Es25% (secant for q = 25% of qf) 1804 0.588
Es50% (secant for q = 50% of qf) 1517 0.504

the behaviour of the soils (Duncan and Chang, 1970) and allows the extrapolation of
the results of load tests on foundations of different sizes and shapes for the evaluation
of the settlement of larger loaded areas and with different geometries, considering an
equivalent homogeneous mean.

In the proposed expression for the evaluation of settlement:

s =
1
Ki

•
qn • B • I • (1 � v2)

� �
oct

n �
qn • B • I • (1 � v2)

� � 	
� �

oct
1�n

• Cf • Hi


 (8.9)

the parameters have the usual meaning, but the following ones require special mention:

1 qn = qs � 2/3� �
v0

= qs because, in our foundation loading tests, � �
v0

at the loaded
surface, is zero;

2 Hi represents the depth of the load influence zone that, according to the authors,
should be considered down to a depth of 2 • B from the footing base;

3 n is a suitable hyperbolic exponent;
4 Ki, Cf represent hyperbolic parameters (the first, of stiffness, and the second, of

strength) that will be determined from the load tests. There is a larger dispersion
of the Ki values, due to the high stiffness sensitivity.

In the present case, the n parameter was determined from the common expression:

E = K • (� �
oct0 )n (8.10)

produced from the similar analysis of different deformability moduli taken from
anisotropically consolidated triaxial compression tests, referred to as CID and CAD
tests (Viana da Fonseca, 1996, 2003), on samples taken from the zone of influence of
the pilot load tests (see Table 8.3). Values for Eel were deduced from the initially linear
reload branch of an intermediate unload-reload cycle; those for Eur between vertices
of that cycle; Eti obtained from the initial tangent by hyperbolic modeling; and Es25%
and Es50% from secant values for 25% and 50% of the failure load, respectively.

In the subsequent study, in order to analyse the influence of the parameter n, the
following two values were taken:

1 nel = 0.263 � corresponding to very low loads, within the elastic threshold;
2 n25% = 0.588 � corresponding to the mobilisation of medium stress levels.
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Table 8.4 Ki and Cf values determined from the loading tests (zI = B/2)

Footing (D 120 cm) Plate (D 60 cm) Average values

Exponents Ki Cf Ki Cf Ki Cf

n = 0.263 (Eel) 46.3 1.87 45.6 1.95 46.0 1.91
n = 0.588 (Es25%) 14.6 1.83 15.6 1.88 14.9 1.86
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Figure 8.18 Comparison of predictions given by the Ghionna et al. (1991) method with observed
values from the footing load test (n = 0.263)

Based on the results of the loading tests on the footing and the 60 cm diameter
plate, the values obtained for Ki and Cf are given in Table 8.4. Depth to the settlement
centre was taken as zI = B/2, as assumed in the method of Ghionna et al. (1991).

The predicted results, using n = 0.263 with the corresponding values for Kj and
Cf , are in very good agreement with the observed results from the footing load test, as
shown by Figure 8.18.

The general application of this method requires a strict adoption of representative
values of the ground in question. It is therefore necessary to use average values of n,
Ki and Cf or, alternatively, those critically selected from the available values obtained
from the individual analysis of each test. The results of a general analysis of the footing
and plate tests, taking into account the average values for n proposed by Ghionna et al.
(1991) are presented in Viana da Fonseca (2001). It was proved that a low value of n
gives the best simulation for the low stress levels. Good agreement is lost for higher
stress levels, giving rise to a non-conservative result for the larger footing sizes, which
will limit extrapolation for larger size footings. It is clear that this tendency decreases
its relevance as, in general, the parameters Ki and Cf refer to the test over the largest
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Figure 8.19 Application of Ghionna et al. (1991) method by considering a dimension factor, nB �= 1

size of loaded area. Although it is conservative for small footings, on the whole this
approach seems to be acceptable.

To ameliorate the performance of the method, the following modifications to the
original method of Ghionna et al. (1991) were considered by Viana da Fonseca (2001):

(i) depth of the point of maximum influence: zI = B instead of B/2;
(ii) exponential dependence of the footing breadth by a factor nB �= 1.

The results obtained from the first modification, taking average values of Ki
and Cf , although considerably better, were not satisfactory. The second modification
required alteration of the original formulation to produce the following equation:

s =
1
Ki

•
qn • BnB • I • (1 � v2)

(� �
oct)n � (qn • BnB • I • (1 � v2))/((� �

oct)
1�n

• Cf • Hi)
(8.11)

A best fit of the curves was then possible by assuming average parameters of Ki
and Cf , making qn = qs, and introducing nB as a weighting factor related to the loading
area. As seen in Figure 8.19, making n = 0.263 and considering the value nB = 1.10
gives a good fit. This tendency for nB > 1 is contrary to what was verified with the
other methods under review, because it was considered convenient to maintain the
proportionality in relation to B presented by the authors.

To conclude, the applicability of the Ghionna et al.�s (1991) method to residual
soils can be inferred from:

(i) the model, which integrates results of both in situ load tests and laboratory tests,
presenting a good approach for foundation settlement prediction; this should be
applied exclusively for moderate load levels.
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(ii) with regard to the geometric assumptions, it is reasonable to retain the direct
proportionality in relation to the breadth of the loaded surfaces, while for the
depth of the point of maximum influence, for evaluation of the �at rest�� effective
octahedral stress and that induced by the loading process, it seems better to adopt
zI = B, instead of zI = B/2. This alternate proposal however, requires confirma-
tion by a greater amount of experimental data, especially for large loaded areas
(more common in practical foundations), where the relative depth of influence
tends to decrease (Burland and Burbidge, 1985).

(iii) ground heterogeneity has significant consequences in the model, particularly in
the parameter Cf ;

(iv) the dependence of the deformability modulus in relation to the at rest effective
octahedral stress should be evaluated for the lowest stress-strain levels, which
could be achieved with triaxial tests on undisturbed samples plus local instru-
mentation or, alternatively, by the use of seismic refraction (�cross-hole�� tests).
If it proves impossible to obtain site specific values, it is suggested values for
n � 0.5 should be adopted.

(v) in choosing values for Ki and Cf , the average values obtained in load tests with
different loading areas should be used, provided that the variation between them
is not high. When there is considerable variability of those parameters, the lowest
values of Ki and, above all, of Cf should be chosen to ensurea conservative result.

Wahls and Gupta (1994)
The method of Wahls and Gupta (1994) accurately considers the non linear nature
of the stress/strain relationships (� � �). Firstly, as a basic formulation taking account
of the penetration testing parameters (NSPT or qc-CPT) and the resulting correlations
with the low strain shear modulus (G0 = Gmax) and, secondly, as a law of variation
of the secant or tangent shear modulus with the distortion level proposed by other
authors (such as Seed and Idriss, 1982). These laws apply only to the materials of the
type from which they were developed. Alternatively, the method can be based on the
back-analysis of one or more load tests on plates or experimental footings, preferably
of different sizes to enable definition of the non-linearity, giving a variation law of
Young�s modulus with load level (qsj) in relation to failure.

Adapting the Wahls and Gupta method for this last alternative, and assuming a
given load step qsj, applied to a foundation on a layer i, of thickness �hi and with
deformability modulus Eij (i and j translate the dependence in relation to the depth
and to a certain load level, respectively), the vertical deformation can be calculated by:

�sij =
Isi

Eij
• qsj (8.12)

and the corresponding settlement by:

sj =
n�

i=1

�sij • �hi = qsj •
n�

i=1

Isi�hi

Eij
(8.13)

where n is the number of sub-layers into which the ground is divided within the main
settlement influence zone, which should extend to such a depth that the shear stress
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increment does not exceed the value of initial shear stress, with depths of around 2 • B
for L/B � 3, and of 4 • B, for L/B > 3. L and B are the dimensions of rectangular
footings.

The greater the number of divisions used, the greater will be the accuracy. Isi is
the load coefficient for the layer �i��, dependent on the size of the loaded area and the
value of Poisson�s ratio.

The dependence of the deformability modulus on depth can be related to the
at-rest octahedral effective stress at the centre of the layer, � �

mij, by means of:

Eij = E0j • (� �
mij)

n (8.14)

with n = 0.5, as suggested by the authors.
Dependence in relation to the vertical stress can be expressed by the following

relationship:

E0j = f

�
qsj

qsref

�

• Eref (8.15)

or, alternatively, by:

E0j = f
�

(s/B)j

(s/B)ref

�
• Eref (8.16)

where qsref , sref and Eref represent, respectively, the load, the settlement and the
deformability modulus, corresponding to certain reference load steps (for example:
s/B = 0.1%) and qsj and sj the load and the settlement for a generic load level.

Viana da Fonseca (2001) presented a back-analysis of the footing load test and
for s/B = 0.1%, a value of qsref (26 kPa) was obtained and the value of the reference
modulus (for n = 0.5) deduced from:

Eref =
qsref

sref
•

n�

i=1

Isi
� �

mj

• �hi (8.17)

On the other hand, with the pair of values sj and qsj , corresponding to each loading
step and obtained from the experimental curve, the respective equivalent modulus can
be calculated (for an increment from zero to qsj ) from:

E0j =
qsj

sj
•

n�

i=1

Isi�
� �

mi

• �hi (8.18)

To define the relationship of non-linear dependence of E0j with the strain level,
defined as (s/Bj)/(s/Bref ), or with shear stress levels, defined by qsj/qsref , a logarithmic
scale was adopted. Two influence depths were considered: zI = 2 • B and zI = 5 • B.
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Figure 8.20 Comparison of the experimental curves and those simulated by Wahls and Gupta model
for zI = 2 • B

In Figure 8.20, a comparison is made between the experimental and simulated
curves, with parameters adjusted to give a good fit. For both influence depths the
agreement is excellent, revealing the potentialities of the method to model the non-
linearity of the load-settlement behaviour of the experimental footing.

Concerning definition of the reference modulus, there is obvious potential for this
formulation in the design of shallow foundations, by means of a specific load test or
by pre-loading an experimental footing, using (s/B)ref = 0.1%.

In the work reported before, Viana da Fonseca (2001) proved that the method
proposed by Wahls and Gupta (1994) using the results of triaxial tests could be applied
to determine the values of Young�s modulus from the relevant depth and shear stress
level in the soil. These parameters are subsequently used in a simplified nonlinear
elastic analysis of the footing load test.

Methods based on DMT
The most widely used methods for the prediction of settlement of shallow foundations
based on DMT test results are those due to Schmertmann (1986), and Leonards and
Frost (1988). The first is a general method based on the Theory of Elasticity, using
weighting factors variable with depth, similar to Schmertmann�s CPT method described
before, providing a nonlinear pressure-settlement curve, since the strains depend on
the ratio between the incremental pressure and the initial effective vertical stress at
foundation level.

The method has advantages in relation to the method originally proposed by
Marchetti (1980), since the total settlements of common foundations seldom have
conditions of lateral confinement (situation represented by the constrained modulus,
MD), so it is more consistent to use a deformation modulus, with analogies to triaxial
compression tests. The methods are reasonably adjusted to real situations of isolated
footings, in which the stiffness may vary randomly with depth. The groundwater con-
ditions are also integrated in the values of the modulus and the formulation includes
the geometric factors of the foundation (shape and embedment in depth).
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Table 8.5 Deformation modulus from DMT versustriaxial tests
in recent silica sands (After Berardi et al., 1991)

OCR Es(0,1%)/ED,DMT – variation

1 0.99 – 0.19
1.4�8.8 3.25 – 0.71

The formulation proposed by Leonards and Frost (1988) is a generalisation of
Schmertmann�s (1986) proposal, with the following expression:

sj = C1 • C2 • qeffectj

� Hi�

0

IZij
• �Zi •

�
Rz(OC)i

Ez(OC)i
+

Rz(NC)i

Ez(NC)i

��

j

(8.19)

where:
C1: correction for embedment (=1, shallow [surface] foundations);
C2: correction for time (=1, short term analysis);
qeffectj : effective stress transmitted to the base of foundation;
Hi: depth of influence, similar to the proposal of Schmertmann (1978);
Izij

: influence factor for deformations (Schmertmann, 1978);
�zi: depth of sub-layers (20 cm � coinciding with the intervals in DMT);
Rz(OC)ij: ratio of stress increment for the overconsolidated portion (OC);
Rz(NC)ij: ratio of stress increment for the normally consolidated portion (NC);
being expressed by:

Rz(OC) =

�
� �

p � � �
v0

� �
f � � �

v0

�

; Rz(NC) =

�
� �

f � � �
p

� �
f � � �

v0

�

where: � �
f = the vertical effective stress after consideration of final load qeffectj ,

and: qeffectj = � �
v0 + �� �

v, calculated by the Theory of Elasticity;
EziD(OC); EziD(NC): appropriate values of deformation modulus corresponding to

the over-consolidated and normally consolidated portions, respectively, for the incre-
ment of stress in the layer i for the load qeffectj , and deduced from the correlations
between Es(n%) and ED,DMT .

In Table 8.5, a summary of the correlations obtained in calibration chambers are
presented (Berardi et al., 1991).

These formulations have been applied to the case study reported by Viana da
Fonseca (2001) taking account of the results of an extensive site characterisation cam-
paign (Viana da Fonseca, 2003), and testing the application of the Leonards and Frost
(1988) method. The variation of the Dilatometer modulus with at rest vertical effective
stress was expressed by:

ED = 5.54 + 430� �
v0 (8.20)

The resulting pattern of variation is shown in the curves plotted in Figure 8.21.



Bujang CH008.tex 23/2/2012 14: 17 Page 314

314 Handbook of tropical residual soils engineering

0
0

10

20

30

40

50

KE � 2.335

KE EDI

Footing width � 1.2 mm

EDi (Mpa) � 5.54 � 430 • ��vo

60

70

80

90
S

et
tle

m
en

t, 
s 

(m
m

)

100

200 400
Pressure applied to the footing, q (kPa)

600 800

Observed values

Predicted values

1000 1200

sj � qj Izi �hi

Figure 8.21 Comparison of the measured settlement of the footing (AfterViana da Fonseca, 2001) with
the prediction based on DMT using Leonards and Frost (1988) method

A value of KE = 2.34 was found by fitting a curve through the early pressure-
settlement curve, suggesting that:

a) correlations with ED modulus to be adopted in residual soils, such as these
silty saprolites from granite, may be inbetween the proposals due to Berardi
et al. (1991) for recent sandy soils (OCR = 1, KE = 0.99 – 0.19) and overconsol-
idated/aged soils (OCR = 1.4�8.8, KE = 3.25 – 0.75); these trends are similar to
those derived for CPT and SPT methods presented above; in fact these saprolitic
soils may be situated in class 2 of Berardi et al. (1991) proposal for the ratio of
stiffness to strength (the class 1 for OCR = 1 and class 3 for high values of OCR).

b) this value of KE only applies for moderate values of applied pressure, q < 35%qult,
which is in agreement with the perception of the high level of non-linearity for
these young residual soils.

Methods based on pre-bored Pressuremeter (PMT) or MØnard�s pressuremeter (MPM)
Many kinds of pressuremeter probes are currently in use (Briaud, 1992; Clarke

and Smith, 1993). Their differences are mostly related to the way they are inserted into
the ground, such as predrilled hole (PMT), self-bored (SBPT), or pushed-in (CPMT).
Since the PMT causes an unavoidable stress relief, and the CPMT causes an unavoid-
able stress increase, it is obvious that the SBPT is the one that causes the least soil
disturbance. Consequently, the SBPT is the only one that allows the measurement of
the geostatic total horizontal stress �h0. It also offers a better interpretation of test
results from small to large strain levels. Jamiolkowski and Manassero (1995) sum-
marised the different geotechnical parameters that can be obtained by the three types



Bujang CH008.tex 23/2/2012 14: 17 Page 315

Foundations 315

Pressure and strain at
start of unloading

(a)

(b) non linear profile

Minimum cavity strain, �max

Maximum cavity strain, �max

�e

unload-reload cycle

p

Gr

Gu
Gur

Gu or Gr

Figure 8.22 Selection of shear moduli (After Clarke, 1995)

of pressuremeters. The different moduli that can be obtained by the SBPT are shown
in Figure 8.22.

Theoretically, the initial slope of an SBPT pressure/strain curve yields the G0 value.
However, in practice there is still some disturbance (Wroth, 1982) and the modulus
must be taken from an unload-reload cycle (Gur). For heavily over-consolidated soils
and cemented geomaterials, it could be assumed that Gur = G0 if the strain of one cycle
is less than 0.01%.

There are two approaches to the use of Gur in practice:

� To link Gur to G0 using a determined stress-strain relationship (Bellotti et al., 1994;
Ghionna et al., 1991);

� To compare Gur values to the degradation modulus (G/G0) versus shear strain (�)
curve from the laboratory, taking into account the average values of shear strain
and mean plane effective stress associated with the soil around the expanded cavity
(Bellotti et al., 1994).

It is not appropriate to obtain G0 directly from the PMT because of the unavoidable
disturbance during predrilling.

By careful testing, with a simple and expeditious methodology, the PMT can be
adapted to determine different levels of stiffness and strength in difficult materials such
as the highly heterogeneous conditions found in residual profiles.

The routine analysis of PMT tests follows the method originally developed by
MØnard (1955). It gives design parameters directly obtained from the pressuremeter
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Figure 8.23 Interpretation of PMT according to the ASTM standard (After Clarke and Gambin, 1998)

test curve (ASTM, 2004). Figure 8.23 shows the interpretation of the curve and Fig-
ure 8.24 shows the procedure to obtain the pressuremeter modulus (Em), based on the
present ASTM (2004) standard.

The interpretation of the results is solely based on the analysis of two curves: the
pressuremeter curve (vi versus pi, recorded at the end of each minute) as shown in
Figure 8.24a and the yield curve (the difference between the volumes at 30 sec and
1 min versus pressures) as shown in Figure 8.24b. From these tests, the following
parameters are deduced:

� the pressure meter modulus (Em):

Em = 2 • (1 + v) • Vm
�p
�v

(8.21)

where VM is the volume of the cylindrical cavity in the beginning of the lin-
ear behaviour (the pseudo-elastic range), observed between stress and strain, �p
and �v;

� the limit pressure (pL): the pressure necessary to double the initial volume of
the original excavated cavity; or the differential limit pressure (p�

L = pL � p0),
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Figure 8.24 Selection of the pressure range to calculate Em according to the ASTM standard (After
Clarke and Gambin, 1998)

which is less sensitive to drilling damage or imperfections of the initial shape of
cavity;

� a yield pressure (pf ): the end of the linear range in the curve, corresponding
to the value with a clear increase in the change in volume between 30 sec and
1 min.

It must be pointed out that this modulus is related to the average stiffness of the
ground associated with a particular strain level. Consequently the use of this value must
only be applied in settlement formulae developed by MØnard (MØnard, 1963, 1965),
as is done in the French Code for foundation design Fascicule No 62 (Gambin and
Frank, 2009). Consequently the PMT modulus must be considered as a test-specific
design parameter (Gomes Correia et al., 2004).
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For the evaluation of deformability characteristics, MØnard and Rousseau (1962),
using the equations of the elasticity, proposed a transformation of the pressuremeter
modulus to Young�s modulus by using a rheological factor:

E =
Epm

�
(8.22)

where � is dependent on the type of soil and the proper ratios defined by the parameters
deduced in the tests, which are a sign of the class of the material (Em/p�

L). Others authors
(Kahle, 1983; Konstantinidis et al., 1986; Rocha Filho, 1986) have suggested the use
of the unload-reload modulus in the elastic equations for settlement evaluation.

This pressuremeter test is especially suitable for heterogeneous soils and IGM
(Intermediate Geo-materials) where the penetrability of other more common tests,
such as CPT, DMT, or even SPT, are difficult (or impossible) and, most importantly,
where the validity of correlations developed for transported soils are dubious (Viana
da Fonseca and Coutinho, 2008). Nevertheless, the application of this test to design
in residual soils, which is definitely a versatile technique with great potential, has to
be done using specific regional correlations, made for typical residual materials.

Experimental in situ work, described by Viana da Fonseca (2003), showed that
the stiffnesses determined from reload-unload cycles of PMT (Epmur) and SBPT tests in
saprolitic granite soils were, apparently, very different. For the PMT it was found
that Epmur/Epm �= 2 and E0/Epm �= 18�20, with E0 determined from seismic survey
(G0-CH), while for the SBPT G0/Gru �= 2.6 � 3.0. It must be noticed that these last
values are substantially lower than the ratio (�=10), reported by Tatsuoka and Shibuya
(1992) on Japanese residual soils from granite. The non-linearity model of Akino, cited
by the previous authors, developed for a high range of soil types, including residual
soils, is expressed simply by:

Esec � E0 (� � 10�4) (8.23)

Esec = E0 •
	 �

10�4


�0.55
(� > 10�4) (8.24)

It should be noted however, that pressuremeter data has been used in France
(and elsewhere where PMT is common practice) for settlement evaluation, follow-
ing a specific formulation (known as the �French method��) that will be explained
below.

EN 1997-2: 2007 (E): Method to calculate the settlements for spread foundations
There is a preference to use results from the PMT (MPM, meaning MØnard Pres-
suremeter Tests) directly to calculate the settlement, s, of spread foundations using
a semi-empirical method developed using influence factors. This is expressed by the
following equation:

s = (q � �v0) ×
�

2B0

9Ed
×

�
�dB
B0

�a

+
��cB
9Ec

�
(8.25)
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Table 8.6 The shape factors, �c, �d, for settlement of spread foundations

L/B Circle Square 2 3 5 20

�d 1 1.12 1.53 1.78 2.14 2.65
�c 1 1.1 1.2 1.3 1.4 1.5

Table 8.7 Rheological factor � for settlement of spread foundations

Type of ground Description EM/pLM �

Peat 1.0
Clay Over-consolidated <16 1.0

Normally consolidated 9�16 0.67
Remoulded 7�9 0.50

Silt Over-consolidated >14 0.67
Normally consolidated 5�14 0.50

Sand >12 0.50
5�12 0.33

Sand and gravel >10 0.33
6�10 0.25

Rock Extensively fractured 0.33
Unaltered 0.50
Weathered 0.67

where:
B0 is a reference width of 0.6 m;
B is the width of the foundation (m);
�d, �c are shape factors given in Table 8.6;
� is a rheological factor given in Table 8.7;
Ec is the weighted value of EM immediately below the foundation;
Ed is the harmonic mean of EM in all layers up to 8B below the foundation;
�v0 is the total (initial) vertical stress at the level of the foundation base;
q is the design normal pressure applied on the foundation.

In residual soils the values of the rheological factor should be adapted for each
situation. Viana da Fonseca (1996) studied thoroughly the application of the elastic
formulation:

s =
p • B • I
EM/�

(8.26)

By taking representative values for the centre of settlement (as defined by Bur-
land and Burbidge, 1985; or Schmertamn et al., 1970, 1978) and applying them to
the footing prototype and large plate load tests, a very clear trend to the rheological
coefficient was found, with � = 0.5 for service loads, decreasing to � = 0.33 for higher
loads. These materials have typical values of EM/pLM in the range of 10�12, agreeing
well with the silty materials group in Table 8.7.
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It is also interesting to complement the trend of this parameter with the observation
that has been made of the applicability of the unload-reload modulus from the PMT
(EMR) for the settlement estimation of shallow foundations.

Typical ratios of EMR/EM of 1.4�2.0 have been found for these soils (Viana da
Fonseca and Coutinho, 2008) which, for � = 0.5, converts the previous simple elastic
formulation to:

s =
p • B • I

EMR
(8.27)

The determination of this modulus has been accepted as good practice and
defended by the French rules and elsewhere, since it provides a way to solve some of
the problems associated with soil disturbance in pre-bores, which affect the �virgin��
curve and consequently the EM.

Conclusion on the methods for prediction of settlement of footings in residual soils

In summary, one can point out the following trends:

� Terzaghi and Peck proposal led to settlements 2 to 4 times higher than observed;
� Parry�s (1978) proposal, taking � = 0.3, has given reasonable results for the very

early load levels (up to 20% of failure, before yield, defined in Viana da Fonseca
et al., 1997), but is strongly non-conservative for higher load levels;

� Burland and Burbidge (1985) proposal (average � = 1.71) is roughly conservative,
with values of predicted settlements 2 to 3 times higher than the observed ones
(for loads up to serviceability limits, s/B = 0.75%); a lower value for � = 0.855, is
in accordance with similar trends in Brazilian residual soils (Rocha Filho, 1986).

� From the CPT based semi-empirical solutions for settlement evaluation,
Schmertmann et al.�s (1978) method was tested with fine layer discretisation for
the most representative PLT (D = 0.60 m and 1.20 m). An excellent reproduction
of the observed curves was obtained (even in non-linearity terms) when the values
of E/qc = � were modified to 4.0 to 4.5, higher than those proposed by the authors
for sandy soils.

� MØnard�s rheological factors (�= E/Epm) for correction of PMT modulus in order
to get the best convergence between observed settlements in PLT tests (at service-
ability load levels) and calculated by means of the classical elastic solution taking
into account the concept of settlement centre (Viana da Fonseca, 1996), were
found to be typical of silty soils (� = 1/2), corresponding to the actual grain size
distribution of this saprolitic soil. The use of PMT unload-reload modulus hap-
pens to give the direct values of the Young�s modulus to be taken in the same
solutions. On the other hand, the values of SBPT unload-reload moduli reproduce
the behaviour of intermediate cycles in PLT tests.

� Finally, a load-settlement analysis of the most significant PLT, similar to CPT
interpretation but using DMT Modulus (ED) was made. The non-linear methods
from Leonards and Frost (1988), based on Schmertmann�s influence diagrams,
and Robertson (1991) were used and the best fit with the experimental results was
obtained for a factor of E/ED = 2.34, which is an intermediate value between that
for NC and OC sandy deposits (Berardi et al., 1991). The non-linearity of both
PLT curves (D = 0.60 m and 1.20 m) was also reproduced.
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Table 8.8 Secant deformability modulus back-calculated from the
footing load test

Load criteria s/B = 0.75% Fs = 10 Fs = 5 Fs = 2
Es (MPa) 17.3 20.7 17.5 11.0

A more detailed analysis of some approaches based on the Theory of Elasticity
was developed in another paper (Viana da Fonseca, 2001), comparing semi-empirical
methodologies using the results of SPT, CPT, PLT and triaxial tests on high quality
samples, with the results from instrumented field tests. Some of the well-established
methods (Parry, Burland and Burbidge, Anagnastopoulos et al., Schmertmann et al.,
Robertson, Ghionna et al., and Wahls and Gupta) were tested and some modifica-
tions to the parameters and methods were suggested to give a best fit to the observed
behaviour.

� An analysis of the results of the footing test was conducted by reference to the
serviceability limit state criteria referred to above (DØcourt, 1992). From this load
value, which corresponds to a settlement of 0.75% of the loading area diameter,
and the loads corresponding to different global safety factors towards bearing
capacity failure, it is possible to calculate the secant modulus by elasticity theory
(see Table 8.8).

� Accepting that the design modulus E is proportional to qc (� = E/qc);
� Considering the increase of qc from CPT with depth (see Figure 11a), a conver-

gence analysis was made, based on an elastic solution, by accepting the settlement
centre concept. The procedure was based on the proposal of Burland and Bur-
bidge (1985) for evaluation of the depth of influence as a function of the degree
of non-homogeneity, E0/kD.

� The degree of inhomogeneity, E0/kD, enabled the determination the position of
the settlement centre from Burland and Burbidge�s chart. Associating the value of
qc for that depth with the secant deformability modulus back-analysed from the
footing load test, the value of � becomes equal to 3 for global safety factor of
around 5, and 4 for global safety factor of around 10. The lower value (�= 3) is
consistent with the serviceability limit criteria, although it can involve significant
plastification in the ground. This has been confirmed by numerical elasto-plastic
analysis (Viana da Fonseca et al., 1998; Viana da Fonseca and Almeida e Sousa,
2002).

� The method of Schmertmann et al. (1978) for settlement evaluation was consid-
ered, combining the proposed strain influence factor diagrams with the variation
of E over depth. It has to be noted that this approach introduces a non-linearity in
stiffness, in spite of being based on a unique equation for E. This formulation was
applied to the footing load test results, considering moderate stress levels (Fs �= 2.4,
qs = 400 kPa), and revealed excellent agreement between calculated and experi-
mental load-settlement curves for � equal to 4.5, with the non-linear response
very well modelled (Figure 8.25).
The value of � is somewhat higher than that commonly considered for normally
consolidated sandy transported soils, due to natural structural factors, associated
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Figure 8.25 Comparison between observed settlement of the footing load test and that calculated
using CPT results and adopting Schmertmann et al. (1978) coefficients

with the relict interparticle cementation and fabric of residual soils. Robertson
et al. (1988) had already stated that � values could be as high as 3.5 to 6.0, or
6.0 to 10.0, for aged normally consolidated and highly overconsolidated sandy
soils, respectively. The coefficients to be applied to these solutions for settlement
evaluation in Brazilian residual soils are in strict accordance with these. Rocha
Filho (1986) applied the Robertson et al. proposals to the results of loading tests
on shallow foundations and plates with diameters from 0.40 to 1.60 m, carried
out on residual soils from gneiss in the university campus of PUC, Rio de Janeiro,
resulting in ratios of calculated to observed settlements of between 1.5 and 2.5.
The ratios obtained in this study are even larger (2.7�3.4).

Note on the strength for ultimate capacity evaluation in residual soils

With regard to strength evaluation, theoretically a peak and a post-peak resistance can
be obtained by pressuremeter tests (Gomes Correia et al., 2004). However, because of
the influence of disturbance during installation, the peak resistance is usually ignored
for PMT. The undrained shear strength can be obtained from the MØnard limit pressure,
plm (Amar et al., 1994):

su =
(plm � �h)

5.5
for (plm � �h) < 300 kPa (8.28)

su = 25 +
(plm � �h)

10
for (plm � �h) > 300 kPa (8.29)

where plm is the applied pressure required to double the cavity diameter and �h is the
estimated in situ horizontal stress.
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For granular residual soils, Cassan�s (1978) assumption that the behaviour of a
granular material is a function of the average effective stress [(� �

r + � �
	)/2] and that

the volume change will follow a curve that has two plastic components (one under
constant volume and other variables, allowing relationships between the volume and
strain to be formulated), together with the plastic criteria, allows the determination of
the Mohr-Coulomb strength parameters �� and c�:

pL = (1 + sec ��) • (p0 + c� • cot ��) •
�

Epm

A • (p0 • sec �� + c� • cos ��)

�(sec ��/1+sec ��)

� c� • cot ��

(8.30)

This method requires more than a single test in a specific horizon, and ideally a
multiple regression analysis. In materials where the dilatancy is significant, however,
it may have errors of up to 30%.

Method to calculate the bearing resistance of spread foundations

A semi-empirical method to calculate the bearing resistance of spread foundations
using the results of an MPM test is as follows:

R
A� = �v0 + k(pLM � p0) (8.31)

where
R is the resistance of the foundation against normal loads;
A� is the effective base area as defined in EN 1997-1;
�v0 is the total (initial) vertical stress at the level of the foundation base;
pLM is the representative value of the MØnard limit pressures at the base of the

spread foundation;
p0 = [K0(�v0 � u) + u] with K0 conventionally equal to 0.5, �v0 is the total (initial)

vertical stress at the test level and u is the pore pressure at the test level;
k is a bearing resistance factor given in Table 8.9;
B is the width of the foundation;
L is the length of the foundation;
De is the equivalent depth of foundation.

Ultimate Limit State defined by excessive deformations � numerical modelling
An FEM numerical analysis of a load test on a carefully instrumented concrete foot-
ing, resting on a residual soil from Porto granite, is described in Viana da Fonseca and
Almeida e Sousa (2002). The hyperbolic soil model was adopted in order to examine
the ideal range of stress-strain level data for parametrical evaluation, when the pur-
pose is to simulate foundation pressure-settlement relations in service conditions. The
importance of accurately defining the volume for the overall simulation of such a test,
taken up to failure, was emphasised.

A large number of triaxial tests (43) wereperformed with different specimen sizes,
consolidation stress conditions and stress-paths. These specimens were obtained by
driving thin wall steel tubes (with dimensions equal to those of the specimens to be
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Table 8.9 Correlations for deriving the bearing resistance factor, k, for spread
footings

Soil category pL M category pL M (MPa) K

Clay and silt A <0.7 0.8[1 + 0.25(0.6 + 0.4 B/L) × De/B]
B 1.2�2.0 0.8[1 + 0.35(0.6 + 0.4 B/L) × De/B]
C >2.5 0.8[1 + 0.50(0.6 + 0.4 B/L) × De/B]

Sand and gravel A <0.5 [1 + 0.35(0.6 + 0.4 B/L) ×De/B]
B 1.0�2.0 [1 + 0.50(0.6 + 0.4 B/L) × De/B]
C >2.5 [1 + 0.80(0.6 + 0.4 B/L) × De/B]

Chalk 1.3[1 + 0.27(0.6 + 0.4 B/L) × De/B]
Marl and [1 + 0.27(0.6 + 0.4 B/L) × De/B]
weathered rock

Note:This example was published in Fascicule No 62-V (1993).

used in the triaxial cell) into blocks extracted from a depth of 0.5�1.0 m below the level
of the footing base (Viana da Fonseca and Almeida e Sousa, 2002). All the sampling
and handling procedures were undertaken with the utmost care in order to preserve,
as much as possible, the natural structure of the soil.

The curves resulting from these tests exhibit substantial brittleness for the lowest
effective consolidation stress, while for the others the brittle behaviour tends to disap-
pear, probably due to the development of volumetric (collapsible) plastic strains prior
to shearing. Thus, for consolidation stresses much higher than those at rest stress state,
the stress-strain response tends to be typical of de-structured materials. For the lower
consolidation stresses (10 and 20 kPa) peak values of deviator stress are mobilised
before the highest value of the dilatancy ratio is reached. This indicates that mechan-
ical behaviour of the saprolitic soil is controlled by cementation between particles
rather than by dilatancy phenomena related to particle interlocking. This latter type
of behaviour, which is typical of dense granular transported soils, is not compatible
with the fabric of saprolitic soil that exhibits a low to medium density (e = 0.60�0.85)
for an essentially sandy soil.

Figure 8.26a presents stress-strain curves from one of the tests obtained by classical
(external LVDT) and local strain measurement systems (Viana da Fonseca, 1996). The
former technique leads to rather unrealistic values of stiffness. The curve for the local
instrumentation results was assumed as representative and plotted in the modified axis
in order to derive the hyperbolic parameters (Figure 8.26b).

As is clear in Figure 8.26b, the Young�s modulus deduced from testing results
using a hyperbolic trend will depend strongly on the strain range where the model is
applied. To best understand this pattern of behaviour, Figure 8.26b may be seen as
a good model of what should be expressed as a multiphase solution. The mechanical
performance seems to be marked by different trends in three ranges of values that could
be associated with three pre-yield zones. Three different initial tangent Young�s moduli
can then be derived, one for each of these zones, from a classical hyperbolic approach
of the stress-stain curve: designated by Eti,0, Eti,i and Eti,h, these moduli have taken
into account, respectively, the lowest shear stress values (where the natural bonding
between particles is mostly preserved inside the elastic yield locus), the intermediate
states (representative of the metastable condition, where progressive de-structuring
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Figure 8.26 CID triaxial test. (a) Stress-strain relations with local and external instrumentation;
(b) Hyperbolic tangentYoung modulus for different stress ranges: Eti,0, Eti,i and Eti,h

is observed), and finally the values of shear stress between 70 and 95% of failure
and where the behaviour is significantly of a granular type. Figure 8.27 illustrates
these different trends and adopted options (Viana da Fonseca and Almeida e Sousa,
2002). The first parameters reflect the lowest stress levels where interparticle structure
is more preserved and elasticity seems to prevail. The second value, ranging over the
intermediate stress levels, can be associated with the beginning of plastic yielding and
progressive breaking down of micro-structure (phenomena that will dominate major
zones of the ground below the footing, since an at-rest stress state, characterised by
low values of K0, �[0.35�0.59] is expected � Viana da Fonseca and Almeida e Sousa,
2001). Finally, the highest stress levels, at the stable classically assumed ranges of
70�95% of failure (Duncan and Chang, 1970) that will be associated with strongly
de-structured matrices.
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Figure 8.27 Numerical simulation of the footing load test using the hyperbolic model parameters from
triaxial tests for the two extreme modelling assumptions: (a) low strain level, and (b) high
strain level

The definition of the overall set of hyperbolic parameters for these distinct levels
of stress-strain is presented in Viana da Fonseca and Almeida e Sousa (2002), together
with a modelling of all significant triaxial tests executed for this study.

From the observation of these curves, it has been found that:

(i) the hyperbolic modelling of the tests with a single set of parameters does not
reproduce the overall behaviour of the stress-strain curves;
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(ii) modelling the curves from parameters based on Eti,0 reproduces with great
accuracy the low stress-strain levels but is very conservative on the whole curve;

(iii) on the other hand, the curves modelled from Eti,h values fit very well the later
part of the curves, showing important differences when compared to the low to
medium levels; the use of intermediate parameters (Eti,i) will be a compromise.

Additional studies have been carried out on the importance of the stressed volume on
the behaviour of this soil, as it was expected that the ground below the footing would
be subjected to increasing average stresses.

The numerical analysis of the concrete footing load test was intended to deter-
mine the best parameters for the modelling and prediction of the behaviour of such a
foundation. It was presented in the paper by Viana da Fonseca and Almeida e Sousa
(2002). Two of the figures presented are combined in Figures 8.27a and b, allowing
a comparison between the curves of the applied pressure versus the settlement of the
footing obtained experimentally and resulting from the numerical simulation using the
hyperbolic model.

There is a clear benefit in showing the sensitivity of the parameters to different
levels of stress-strain. A brief summary of the results of the analysis by Viana da Fonseca
and Almeida e Sousa is as follows:

(i) only the analyses based on the initial tangent Young�s modulus, defined from the
low strain ranges of triaxial tests on undisturbed samples (Eti,0), represent the
footing test reasonably throughout the loading steps;

(ii) the value of Rf = 0.9 seems to help the model to fit the data well, particularly in
the global definition of the observed curve, while the option for Rf = 0.7 shows
a poorer fit when considering the deformability parameters for �small�� strain
ranges, and also in the vicinity of failure;

(iii) analyses that are based on the initial tangent modulus for ranges of �medium��
and �large�� deformations in the triaxial tests (Eti,i and Eti,i) significantly
overpredict the observed settlements in the footing load test;

(iv) it is essential to consider the variation of Poisson�s ratio along several loading
steps, up to values very close to the ultimate load (q = 950 kPa), with clear benefit
in the definition of the solution of the settlement of the footing base.

It is pertinent to reiterate the reasons why the calculation, based on the parame-
ters deduced from initial tangent modulus for very low stress-strain ranges (Eti,0) of
triaxial tests, seems to simulate the behaviour of the load test very well. In fact, the
parameters deduced from triaxial tests taking higher levels of stress-strain modulus,
already include the effect of plastic deformations related to progressive failure of the
soil structure, and therefore they represent less satisfactorily the behaviour of the soil
in natural conditions. The consequence of this, as was illustrated in Figure 8.9 where
modelling parameters were defined from the classic ranges of 70�95% of failure stress,
is to significantly overestimate the observed settlements. For these elevated levels of
deviatoric stresses the material behaves as a non-structured soil, and the parameters
deduced cannot represent foundation behaviour under service conditions.

The influence of different model parameters, in accordance with distinct stress-
path zones in the ground, was analysed. This can be relevant in some marginal zones,
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where stress-paths are rather different from classical compression paths. It was shown
that, up to moderate load levels, that is to say, to stress-strain levels not dominated by
significant plastic behaviour, this stress-path factor is not important in the simulation
of the settlements of the footing base. The influence of the anisotropy of the stiffness
characteristics is, however, relevant in the prediction of the settlement of external
points to the loaded area, where the stress-paths are significantly different from classic
compression.

In tropical residual soils, most shallow foundations will involve dealing with unsat-
urated soils, and two common problems which flow from this relate to collapsible soils
and expansive soils.

8.3 FOUNDATIONS ON UNSATURATED SOILS

According to Fredlund and Rahardjo (1993), matric suction dramatically increases
the bearing capacity of the soil, and this is shown in Figure 8.28 which illustrates the
effect of various matric suction values on the bearing capacity of shallow foundations.
When attempting to arrive at a suitable design value for matric suction, it is useful to
construct a plot similar to this figure.

Since shallow footings are normally placed well above the ground water table, if
adequate surface and subsurface drainage is provided around the structure, it may be
reasonable to assume that negative pore-water pressures will be maintained immedi-
ately below a footing. It should also be realised that there may be a fluctuation in
the groundwater table as a direct result of building the structure. In some cases, the
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groundwater table may be lowered but, more commonly, the water table will rise due
to excessive watering of the vegetation surrounding the building.

There are many situations where the groundwater table is far below the ground
surface and a hydrostatic profile is not reasonable for design purposes. In these cases,
measurements of the in situ suction below the footings of existing structures in the
vicinity can prove to be of value. These suctions can be relied upon to contribute to
the shear strength of the soil, but the decision regarding what value of suction to use in
design becomes dependent upon local experience and the microclimate in a particular
region.

Design considerations for shallow foundations

The following soil-structure interaction issues should be considered in foundation
design. First, soil-structure interaction implies, by definition, that the response of the
soil and the structure are interdependent; i.e., the reaction of the soil to the structure
affects the performance of the structure, and the reaction of the structure to the soil
affects the behaviour of the soil. One of the two following approaches is needed to
solve this problem (Houston, 1996).

Method 1: Employ a finite element code which models all components including
the structure and the soil in contact with it. However the commercially available codes,
being the ones in common use, tend to be either written for structural analysis and
hence model structures well (and soils less so), or written for geotechnical analysis and
hence model soils well (and structures less so). Ideally, the model for the soil would
account for non-linearity in the stress-strain-time constitutive law, including water flow
and the strains induced by changes in soil water content. By this method, all responses
to load and water would be totally coupled.

Method 2: The response of the soil and structure are decoupled, and then
recombined to ensure compatibility via iteration.

Houston (1996) showed an example of this approach with details, and concluded
that simplified, and often greatly simplified, versions of this procedure are used in
design practice, with corresponding approximations and errors. In most cases, the
factors of safety are adequate to accommodate these approximations and errors.

8.3.1 Shallow foundations on collapsible soils

In the case of collapsible unsaturated soils, foundations can behave satisfactorily for
some time, and then suddenly suffer significant additional settlement, due to the acci-
dental appearance of a water source that starts to flood through the soil (see Coutinho
et al., 2004b).

The amount of volume decrease experienced by a collapsible soil upon wetting
under load depends on several factors, including the soil type, the initial water content
and dry density, the degree of wetting, and the stress state and boundary conditions.

According to Houston (1996), difficulties associated with estimating collapse
settlement include the typical variations in cementation and gradation causing soil
properties to change over distances of only a few centimeters both laterally and ver-
tically, and also lack of knowledge of sources of water. The greatest uncertainty in
estimating collapse settlement is linked to the uncertainty of the lateral extent and
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Table 8.10 Comparison between rcpred from PMT data and rcmeas (After Dourado and Coutinho, 2007)

Settlement predicted (mm)

Collapse (mm)
Test �soaked (kPa) Before wetting After wetting (rc = rP soaked � rP nat)

PC 01 100 0.56 15.06 14.5
PC 02 60 0.34 8.84 8.5

Settlement predicted (mm)

Collapse (mm)
Test �soaked (kPa) Before wetting After wetting (rm = rm soaked � rm nat)

PC 01 100 1.24 46.24 45.0
PC 02 60 0.56 21.06 20.5

degree of wetting. The degree of saturation achieved during the conduct of conven-
tional laboratory response to wetting tests is quite high, typically 85 to 95%. Estimated
collapse settlements based on full-wetting collapse potential may not be realised in-situ.

The most likely explanation for why the actual field collapse settlement is less than
the estimated settlement is that, when a soil is only partially wetted, only a portion
of the full collapse potential is realised. In practice, there are many field situations for
which only partial wetting occurs. However, not all field wetting conditions result in
low degrees of saturation. If the water source is due to a rising groundwater table, or
perhaps from long-term, steady state wetting by ponded water, the degree of wetting
achieved in situ may be adequate to result in essentially full-wetting collapse. In these
cases, however, the lateral extent of wetting may still be quite difficult to estimate
(Houston, 1996).

Dourado and Coutinho (2007) predicted collapse settlements using PMT results
and considering the traditional methodology of Briaud (1992) for footing settlement on
sand. The settlements were calculated at both natural water content and fully saturated
conditions and the difference in these two conditions was considered as the collapse
settlement (rc) of the soil (see Table 8.10).

s =
2

9Ed
• � �

v0 • B� •
�

�d •
B
B�

��

+
�

9Ec
• � �

v0 • �c • B (8.32)

where
s = footing settlement (final);
Ed = pressuremeter modulus within the zone of influence of the deviatoric tensor;
Ec = pressuremeter modulus within the zone of influence of the spherical tensor;
� �

vo = footing net bearing pressure;
B� = reference width of 0.6 m;
B = width or diameter of the footing (B > B�);
� = rheological factor;
�d = shape factor for deviatoric term and
�c = shape factor for spherical term.
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Figure 8.29 Interpolation of the settlement-stress relationship from in situ collapse tests (After
Dourado & Coutinho, 2007)

Table 8.11 Comparison between rc int obtained by interpolation and
rc predicted (After Dourado & Coutinho, 2007)

Stress rc int rc pred Factor of increase
(kPa) (mm) (mm) (Fm•rc pred = rc int)

100 45.0 14.5 3.1
80 31.6 11.4 2.8
60 20.5 8.5 2.4
40 12.5 5.7 2.2
20 6.3 2.8 2.3

Table 8.10 shows that the predicted settlements in the natural condition (0.56 and
0.34 mm) were about 50% of the measured settlements (1.24 and 0.56 mm). It is also
seen that the predicted collapse settlements rc pred (14.5 and 8.5 mm) were between
about 33 and 50% of the measured settlements rc meas (45 and 20.5 mm).

An increase in settlement is also seen with an increase in soaking stress. Thusthe
influence of the soaking stress in the rc pred was evaluated. The data is summarised in
Figure 8.29 and Table 8.11.

Dourado and Coutinho (2007) concluded that for any stress, predictions based on
PMT data underestimated the rc measured in the plate load test. The use of a factor
of increase (Fm) of 2.5 in predicted collapse settlement rc pred (Fm • rc pred = rc int) by the
PMT, would lead to a better approach to the prediction of rc for the in situ collapse
tests. However, the authors cautioned that this factor applied only to the soil studied.

8.3.2 Deep foundations on collapsible soils

Typically, the calculation of load capacity of piles seeks a balance between the applied
loads (Q) and the available resistance, made up of Shaft Resistance (Rs) and Toe
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Figure 8.30 Considering the effect of the collapse load capacity of piles

Resistance (Rp) (Figure 8.30). In the presence of collapsible soil, we must consider the
additional applied load due to the collapse, in the form of negative shaft friction. This
is difficult to determine because of the complexity of the relative movements along the
shaft. As a simplified solution, we can calculate the shaft resistance of the collapsible
segment and apply this as a distributed load along the shaft. In general we have the
following equation:

Qult + Rs(TC) = Rp + Rs(TNC) (8.33)

where
Qult = Maximum applied load acting on the pile;
Rs (TC) = Applied load due to negative shaft friction on the collapsible length;
Rp = Toe resistance;
Rs (TNC) = Shaft resistance of non-collapsible length.
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In some standards, such as AS 2159 in Australia, negative shaft friction (NSF) is
assumed not to affect the Ultimate Limit State, since the deflections associated with
the ULS are generally much greater than those required to fully reverse any NSF.
However, NSF can have a significant effect on settlements at working load and hence
on the Serviceability Limit State (SLS). Checks on the SLS with full NSF applied are
therefore required. The same may well be true with regard to collapse settlements and
Rs (TC), but the magnitude of the collapse settlement will need to be checked against
the magnitude of the settlement at ULS.

Both shallow and deep foundations in collapsible soil can behave satisfactorily for
some time, and then suddenly incur additional settlement of considerable magnitude,
due to the accidental appearance of water that starts to flood through the soil.

A geotechnical profile and water content from EunÆpolis City was described by
Coutinho et al. (2010). This site experienced damage during the execution of the deep
foundations, and the presence of collapsible soil was considered to be one of the causes.
The objective of this study was to identify and characterise the soil and investigate the
possibility of influence on the pile foundation.

For this purpose, two static compression pile load tests were performed; one with
the soil in natural condition and the other after a flooding process. A system of soaking
was used for the flooded load test, through a pit built with soil drains. The pit was
subjected to a constant water head, using a water reservoir connected to a car. The
total time of soaking was 72 hours, after which the flooded load test was started.
Further information is given in Coutinho et al. (2010).

Comparing the natural and flooded moisture content profiles, it was seen that
flooding was effective to a depth of 10 m, showing that all the length of the pile shaft
was flooded. However, due to the higher NSPT , of the order of 50 blows, in the layer
at the tip of the piles, the soaking did not reduce the toe resistance.

Analysis of load/settlement curves

Figure 8.31 shows a comparison between the results of the two load tests. Some points
of the curve were used to help in the interpretation and comments:

1 At the vertical axial working load of 40 tf (400 kN), there is no significant
difference in performance between the piles;

2 Differences in the behaviour of the two piles are observed above an applied load
of 51 tf (510 kN);

3 In relation to the settlements, there was a significant increase for the flooded soil;
for example, at the load of 64 tf (640 kN), it increased from 10 mm to15 mm;

4 At a load of 72 tf (720 kN), the settlement in the natural soil was 15 mm and in
the flooded soil 20 mm. It might have been expected that the difference would be
larger, however at this point, the pile toe starts to work for the flooded pile because
of the high NSPT .

The blue dotted line shows an extrapolation of the curve for flooded soil without
the influence of the strong toe. Considering the pile response in natural soil, the max-
imum load of 80 tf (800 kN) corresponds to a settlement of 27.1 mm. For this value
of settlement to occur, according to the blue dotted line, the applied load would be
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Figure 8.31 Pile load test curves and settlement data for the piles in natural soil and in flooded soil

only 72 tf (720 kN). This represents a reduction in the rupture load of 80 kN, or in the
order of 10%.

Load capacity

a) Natural load test (PC � Natural)
DØcourt and Quaresma (1978), and DØcourt (1996) considered a layered soil profile.
The shaft resistance (Rs) was calculated using the average value of NSPT for each layer.
For the toe resistance, an undrained shear strength of su = 250 kPa was used.

In lateritic soils, the shaft resistance of piles can be 2 to 3 times the resistance
calculated by conventional prediction methods (DØcourt, 2002). The Rs in the layer
with iron concretions (between 7.0 and 8.0 m) was calculated separately using a factor
of increase of 2.5.

A total shaft resistance (Rs) of 475.4 kN and a tip resistance (Rp) of 227 kN were
calculated, making a total ultimate capacity (Qf ) of 702.4 kN (see Table 8.12).

b) Flooded load test (PC � Flooded)
For the flooded soil, a total shaft resistance (Rs) of 291.5 kN and a tip resistance (Rp)
of 340 kN were calculated, making a total ultimate capacity (Qf ) of 631.5 kN. The
results of both load tests are presented in Table 8.12.

Thus, using the DØcourt and Quaresma (1978) method, it can be seen that the
predicted shaft resistance reduces from 475.4 to 291.5 kN, or 38%, due to the flooding.
The value of the flooded toe resistance (340 kN) was greater than in the natural soil
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Table 8.12 Summary of the results

DØcourt and Quaresma (1978) � results (kN)

Load test Shaft resistance (Rs) Toe resistance (Rp) Ultimate capacity (Qf)

Natural 475.4 227.0 702.4
Flooded 291.5 340.0 631.5

Table 8.13 Estimates of Qf obtained and measured

Rupture Load (Qr) (kN)

Load DØcourt Van DerVeen DØcourt and Dynamic
test (1996) (1953) Quaresma (1978) load test

Natural 812 809 702.4 770
RL = 504 kN

Flooded � 836 631.5 �

because of the differences between the soil profiles. However, a reduction in the flooded
failure capacity of 10% (702.4 to 631.5 kN) was observed.

The Van Der Veen (1953) method was also used to estimate the ultimate capacity.
It gave a good estimate for both curves, with values of Qf = 809 kN (natural) and
Qf = 836 kN (flooded).

Van Der Veen method was also applied for the hypothetical case of the corrected
flooded curve, the blue dotted line in Figure 8.31. The results showed a Qf in the order
of 700 kN, confirming the conclusion above (reduction of 809 � 700 = 13.5%).

Table 8.13 presents the ultimate capacities obtained through the three methods
utilised in this work (Van Der Veen, 1953; DØcourt and Quaresma, 1978; DØcourt,
1996). The result obtained by a dynamic load test on the same pile while in a natural
condition is also shown.

It can be seen that the values obtained for the failure load were all around 800 kN.
The exception was the prediction by the DØcourt and Quaresma (1978) method for
the flooded pile.

Effect on the ultimate capacity

For the total failure load, the difference is relatively small (10%) because the reduced
shaft capacity was replaced by increased toe resistance as a result of the differences
between the soil profiles.

The values obtained in the static load tests (Figure 8.31) were of the same order
of magnitude. However, if the very resistant layer below of the toe of the flooded pile
did not exist, an influence in the order of 10%, after flooding was expected. A similar
result is seen in the prediction by the DØcourt and Quaresma (1978) method.

Some cases reported in Brazilian literature show a reduction in the results of the
total failure load due to the flooding process in the order of 20%. For most well
designed foundations, a reduction in ultimate capacity of 10 to 20% would probably
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not be critical. However, as noted previously, the effect on the Serviceability Limit
State could be very important, as suggested by the increase in settlement in the test pile
at 640 kN.

8.3.3 Mitigation measures

Several mitigation alternatives are available for dealing with collapse phenomena.
Mitigation measures which have been used in the past can generally be fitted into one
of the categories below. Often a combination of mitigation measures is used (Houston,
1996):

� Removal of a volume of moisture-sensitive soil;
� Removal and replacement or compaction;
� Avoidance of wetting;
� Chemical stabilisation or grouting;
� Prewetting;
� Controlled wetting;
� Dynamic compaction;
� Pile or pier foundations;
� Differential settlement resistant foundations.

More details of mitigation measures can be seen in Houston (1996).
The following measures for minimising wetting represent good practice. If the

wetting is anticipated to occur from surface or near surface infiltration, consider:

1 restricted irrigation watering (e.g. desert landscaping);
2 restricted landscape vegetation adjacent to structures, unless placed in planters;
3 paved surfaces around the structure to the maximum extent practical;
4 use of watertight water and sewer lines in double pipes or troughs, and;
5 replacement or removal and compaction of near surface layers to form a low

permeability barrier to water. The barrier to water should be composed of
moisture-insensitive soils.

As the probability of wetting is reduced, the risks associated with the collapse
phenomena are reduced. In the final analysis, the total costs, including the consequence
of estimated collapse settlements, over the lifetime of the structure must be considered
and compared for various alternatives.

8.3.4 Recent research and developments for dealing with
collapsible soils

The importance of effects of wetting on unsaturated soil response is very well docu-
mented. The potential for wetting-induced volume change of all unsaturated soils is
becoming widely recognised in the geotechnical profession. Most of the early litera-
ture on volume moisture-sensitive soils dealt with naturally-occurring deposits, and
widespread recognition of wetting-induced compression and swell of compacted soils
is relatively more recent. The importance of coarse aggregate to the swell/compression
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response of soil upon wetting under load has begun to receive attention. In situ meth-
ods used in the past, and those presently under development, appear promising for
studying the response to wetting of gravelly and other difficult-to-sample unsaturated
soils. Lateral movements associated with collapse settlement have been considered in
some current and recently completed studies. Lateral strains due to wetting are of par-
ticular importance for embankments and slopes, whether made of naturally-occurring
or compacted unsaturated soils (Houston, 1996).

Studies of collapsible soils currently in progress and planned for the near future
include: (1) the response of collapsible soils to earthquake loading, before and after
wetting, (2) strength of collapsible soils after wetting, and (3) constitutive soil model
development, considering the role of cementation, including soil suction. Constitutive
models incorporating stress state, soil suction, and strain, coupled with unsaturated
flow models are desirable. Improved methods for estimating the degree and lateral
extent of wetting are needed. Additionally, considerations of risk and integration of
risk assessment and total life cycle cost estimates into the mitigation and foundation
design selection process are very important to the success of future efforts.

8.3.5 Shallow foundations on expansive soils

Expansive soils, which increase in volume when water is available, but shrink if water
is removed, are a continuing source of problems in the design, construction, and main-
tenance of buildings, buried pipes, roads and airfields, canals, and retaining structures.
Wray (1995) reported that a soil is commonly considered to have limited expansive
tendencies when its plasticity index (PI) is less than 20. If the plasticity index is greater
than 20 but less than 40, the soil is considered to have moderate expansive properties.
The soil is considered to be highly expansive if the PI is between 40 and 60. Soils with
PI�s greater than 60 are considered to be very expansive. Another method often used to
classify the expansive potential of soil is the expansion index (EI). The EI is determined
from a special laboratory test that is performed in a specified standard manner. A soil
with an EI of 50 or less is considered to have low expansion potential. A soil of 91 or
greater indicates a soil with high or very high expansion potential.

The properties associated with expansive clays such as heave and swell pressure
are dependent on three factors: (i) natural soil properties such as moisture content,
dry density, plasticity index and compaction, (ii) environmental conditions including
temperature and humidity, and (iii) vertical stresses such as overburden pressure and
foundation loading conditions. The following sections explain the influence of some
of the above factors on the swell properties of expansive soils.

Many unsaturated soils are also expansive. Environmental conditions such as tem-
perature and humidity influence swell potentials by changing suction in unsaturated
expansive soils. The engineering behaviour of unsaturated soils can be interpreted
in terms of two key stress state variables, namely: net normal stress and suction
(Fredlund and Rahardjo, 1993). The suction changes associated with the movement of
water in the liquid and vapour phases are called matric suction and osmotic suction,
respectively. The total suction is equal to the sum of matric and osmotic suction. More
recently, the focus of research has been directed towards understanding the effects of
different types of suctions and their influence on swell characteristics in unsaturated
expansive soils.
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Figure 8.32 (a) Generalised map showing expansive soil distribution in theAmericas; (b)Typical results
for oedometer tests on samples of an expansive residual soil from Pernambuco, Brazil
(After Mitchell and Coutinho, 1991)

The final factor that has a major influence on swelling in soils is the effect of
overburden pressure on the foundation material at a site. It is well known that the
magnitude of swell under confined loading conditions is less than that in unconfined
conditions. However, in conventional engineering practice, the majority of laboratory
swell tests are conducted either in unconfined conditions with low seating pressures,
or in rigid apparatus with unknown lateral confining pressures.

Formation and distribution of expansive soils

Expansive soils are commonly found in arid and semi-arid regions in the world such
as Australia, Canada, China, India, Israel, Iran, South Africa, UK and USA. In these
areas, the rainfall is moderate, precipitation is seasonal and there are high evapo-
ration rates. Drainage must be sufficiently restricted to permit pore-water salts to
remain and become concentrated by evaporation. The topography may be flat, as in
bentonite/marine shale deposits, or the grade may be steep, as in volcanic or orogenic
settings, where slope stability can be a geotechnical hazard.

Mitchell and Coutinho (1991) included a generalised map showing the distribu-
tion of expansive soil in the Americas, compiled on the basis of climate, geology, and
engineering experience (Figure 8.32). The distribution in the United States is fairly
accurate, since most of the areas are defined from engineering experience. The distri-
butions shown for Canada, Central and South America are less precise, as they rely on
climate and geology to a greater degree. Regions of swell (RS) show areas where expan-
sive soils are likely to occur. They do not indicate swelling soils over the entire area.
Local areas of swell (LS) represent a more localised potential for expansive behaviour.

Indications of swelling potential may appear from the results of routine tests such
as grain size analysis, Atterberg limits, and in situ moisture content and dry density.
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Table 8.14 Characterisations based on Direct Measurements (from Pupalla et al., 2004)

Expansion Swell
References Test Details Index1 Strain, % Characterisation

Holtz and Gibbs (1956); Oedometer, Zero Lateral � >30 Very High
USBR Method Strain; Seating 20�30 High

Pressure �7 kPa 10�20 Medium
<10 Low

FHA/HUD classification Oedometer, >130 >12 Expansive
(1960)2 Surcharge of 7 kPa 90�130 7�12 Highly expansive

50�90 4.7 Moderate expansive
<50 2.4 Marginal

Ladd and Lambe (1961) Oedometer Setup (Seating � >6 Very Critical
(FHA) Pressures are not known) 4�6 Critical

2�4 Marginal
<2 Non-Critical

Chen (1965) Oedometer, >10 Very High
Seating Pressure 48 kPa 3�10 High

1�5 Medium
<1 Low

1Specified by Southern California Local Codes
2Federal Housing Administration/Housing and Urban Development

The activity (the ratio of plasticity index to percentage finer than 2 µm) provides
a useful measure of expansion potential. Several correlations, based on the above
parameters, have been proposed for preliminary estimation of expansive deforma-
tions (Snethen, 1984; Chen, 1988). Any expansive soil has a lower and upper limit of
moisture content between which swelling and shrinkage can take place. Therefore, if
movement is to occur, moisture changes must occur within this critical range.

8.3.6 Characterisation by swell strains

Puppala et al. (2004) described two approaches that are commonly used for the charac-
terisation of expansive soils, based on swell strains. The first one is a direct approach
using oedometer and/or other test methods to measure volumetric or vertical swell
strains in soils. The second is an indirect approach based on soil index parameters
or suction based measurements to evaluate the swell strain percentages, and then to
address the problematic nature of these soils.

Direct approach

In the direct approach, swell strains are measured using conventional oedometers or
other equipment such as confined swell test apparatus and three dimensional free swell
test setups. In 3D setups, both lateral and vertical swelling can be measured. The volu-
metric swell strain information can be calculated from the measurements of lateral and
vertical swelling. Table 8.14 presents a few of the characterisation methods available
in the literature for classifying expansive soils based on swell strain measurements.
Holtz and Gibbs (1956) developed an oedometer test based characterisation method
in which a seating pressure of 6.95 kPa was used. Based on this method, a vertical



Bujang CH008.tex 23/2/2012 14: 17 Page 340

340 Handbook of tropical residual soils engineering

Table 8.15 Characterisations Based on Suction Measurements (from Pupalla et al., 2004)

Soil Suction at Natural Related
Reference Moisture Content, kPa Swell Strain (%) Characterisation

Snethen et al. >400 >1.5 High
(1977) 150�400 0.5�1.5 Marginal

<150 <0.5 Low

Table 8.16 Characterisations Based onTotal Suction Measurements (from Pupalla et al., 2004)

Total Suction �Water Content Index
Reference (Suction in pf/Water Content in %) Characterisation

McKeen (1992) >� 6 Very High
�6 to �10 High
�10 to �13 Moderate
�13 to �20 Low
<�20 Non-expansive

swell strain of 30% or above indicates a very highly problematic soil and a swell strain
of less than 10% represents a non-problematic soil.

Chen (1965) applied higher seating pressure of �48 kPa, for the characterisation
of expansive soils. In this approach, soils with swell strains of 10% or above were
classified as very highly problematic soils. The soils with swell strains less than 1%
were regarded as non-problematic soils. The above two methods can be used in charac-
terising expansive soils for designing both lightly and heavily loaded foundations. The
characterisation used for lightly loaded structures can be extended to transportation
infrastructure including pavements and runways.

Indirect approach

Several characterisations based on properties from indirect tests are available in the
literature. These characterisations are based on soil index parameters and suction
measurements. Table 8.15 presents a characterisation based on in situ suction using
both total and matric suction potentials. This approach requires suction properties to
be measured on soil samples using different methods. Instruments such as tensiometers,
thermal conductivity sensors or filter paper methods can be used for measuring matric
suction. The psychrometer or filter paper method can be used to measure total suction
in soils. Table 8.15 can be used to characterise expansive subgrades based on suction
potentials. McKeen (1992) developed another procedure based on total suction and
water content of soils (Table 8.16) to estimate the swelling potentials.

Fredlund and Rahardjo (1993) provide an approach to calculate swell strain,
�hi/hi in expansive soils:

�hi

hi
=

CS

1 + eoi
log

Pfi

Poi
(8.34)

where
eoi = initial void ratio of the soil layer,
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Table 8.17 Characterisations Based on Soil Index Parameters (from Pupalla et al., 2004)

Reference Test Type Plasticity Index, PI Characterisation

Raman (1967) Atterberg Limits >32 Very High
23�32 High
12�23 Medium
<12 Low

Chen (1988) Atterberg Limits 35 and above Very High
20�55 High
10�35 Medium
0�15 Low

hi = thickness of the soil layer,
Pfi = final stress state in the soil layer,
Poi = initial stress state in the soil layer,
CS is the swelling index and
�hi is swell in the expansive soil layer.

Another indirect characterisation approach is based on soil index parameters, pri-
marily using Atterberg limits or plasticity characteristics. This is the most frequently
used method in geotechnical practice since these tests are simple to perform and inex-
pensive. In a study carried out on San Antonio and Corpus Christi expansive clays,
swell characterisation based on Atterberg limit values was used (King et al., 2001).
A large scatter was observed, and practitioners should be careful when characterising
expansive subgrades using only Atterberg limits. The same study recommends the use
of liquidity index and consistency index parameters to aid in the characterisation of
expansive soils, and provides a wide range of indices to differentiate between lean, fat
and other clays that exhibit swelling behaviour. Table 8.17 presents characterisations
based on soil index parameters.

The Potential Vertical Rise (PVR) method also estimates the swell potentials of
expansive soils in length units based on Atterberg limits, overburden pressure and
loading conditions of various layers. This method has been used in the characterisa-
tion of subgrades and design of pavements. The Texas Department of Transportation
(TxDOT) is currently involved in the development of new or alternative methods to
characterise expansive soils, which may replace the PVR method. Further details on
this method can be found in TxDOT testing manual (see TxDOT website).

In addition to the above characterisations, there are a few more empirical relation-
ships available in the literature to predict swell strains, which use soil plasticity index,
compaction moisture content and the activity parameter of the soil (Table 8.18). Once
the swell strain percentages are determined, they can be used along with Table 8.14 to
estimate the severity of the natural expansive subgrade.

8.3.7 Types of foundation that are used in expansive soils

The majority of foundations used on expansive soil sites are one of the following:

� Slab-on-grade
� Slab-on-grade with piles
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Table 8.18 Empirical Relations for Percent Swell (S) from soil properties (from Pupalla et al.,
2004)

No. Description Reference

1 S = 0.00216 × PI2.44 Seed et al. (1962)
2 S = [(0.00229 × PI)(1.45 × C)/wo] + 6.38 Nayak et al. (1974)
3 Log S = 0.9 × (PI/wo) � 1.19 Schneider et al. (1974)
4 S = 83 × (2 ×A-1) El-sohby (Unknown)
5 Log S = 0.08 × (0.44 × LL � wo + 5.5) Vijayvergiya et al. (1973)

PI = Plasticity Index; C = Clay percent; wo = Initial water content;A =Activity

4�5 in. (typ.)

10�18 in.
(typ.)
Transverse
grade beam
(continuous)

Longitudinal
grade beam
(continuous)

Perimeter or
exterior grade
beam
(continuous)

Note: beams
usually only
are formed
using walls

18�30 in. (typ.)
(deeper in freezing
conditions) 12�18 in. (typ)

(a) (b)

12�18 in. as req.
by building code

Note: Perimeter beams are usually
rough-formed using bare soil walls

4�12 in. (typ.)

Figure 8.33 Cut-away sketch of a typical stiffened slab-on-grade foundation: (a) thin slab; (b) slab with
thickened edges or perimeter beams (After Wray, 1995)

� Pile-and-beam
� Basement with wall footings and slab floor
� Basement with wall piles and slab floor
� Structurally suspended floor slab on piles.

Slab-on-grade foundations are usually constructed with either welded wire fabric
reinforcement, mild steel bar1 or deformed bar reinforcement, or with post-tensioning
as the reinforcement. Welded wire fabric reinforced slabs are constructed with wire
mesh placed in the forms before the concrete is poured over it. Steel bar reinforced slabs
are constructed with the rebars fixed and placed inside the concrete forms, and then
the concrete is poured and compacted. Post-tensioned slabs are constructed with steel
cables covered with a plastic sheathing instead of using steel bars. The cables extend
through the sides of the forms and, after the concrete is poured over the cables and has
reached its initial strength, the steel cables are tensioned and fixed (see Figure 8.33).

Welded wire fabric-reinforced slabs often do not perform well in expansive soils.
Both steel bar and post-tensioned types of slabs can work equally well, but each type
has a different technical objective. A structural engineer, working with a geotechnical
engineer, should have the principal responsibility for choosing the foundation system.

1In some countries mild steel reinforcement is no longer available.
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8.3.8 Mitigation and preventive measures

Methods for mitigating the damaging effects of expansive soils include (Chen, 1988):

1 Excavation with or without replacement of the soil by a compacted non-
expansive soil;

2 Flooding the in-place soil to achieve swelling prior to construction;
3 Control of compaction water content and density;
4 Mixing the soil with lime or cement before compaction;
5 Using footings or piers that extend below the depth of seasonal moisture change;
6 Using a bearing pressure that is high enough to balance the swell pressure;
7 Use of procedures to minimise changes in the soil water content, including

adequate drainage systems and waterproofing of adjacent surface areas;
8 Use of structural mats and slabs that are resistant to differential movements;
9 Use of deep foundations down to non-expansive material;

10 Treatment or replacement of the upper 1�3 m with non-expansive soil (usually
granular material) in embankment construction.

There is a �best time�� to construct foundations in expansive soils. This is when
the soil is neither at its wettest nor at its driest condition, i.e., when the soil is near
�equilibrium��. However, it is usually impractical to wait for this optimum time to start
building. Thus, it is important that a foundation be designed and built so that it will
perform adequately under all of the normally expected conditions that the building
will experience during its usable lifetime.

Excavation and backfill

If the building is to have a shallow foundation, one solution that has been used suc-
cessfully is to remove the expansive soil down to a specified depth and replace it with
a non-expansive soil. Sometimes the terrain lends itself to constructing an elevated
pad of foundation soil beneath the foundation without causing a significant increase
in foundation cost. In replacing the expansive soil already existing at the building site,
a �non-expansive soil�� should be used. A non-expansive soil is usually considered to
be a soil that has a plasticity index less than 20 and preferably less than 10. Sandy or
coarse silty soils meet this criterion but, because of their relatively high permeability
or hydraulic conductivity, if water should ever be introduced into this type of soil, it
could travel throughout the soil mass, wet the underlying expansive soil, and cause the
heaving that the non-expansive soil was meant to prevent.

If the building has a basement, the backfill soil ideally should be a non-expansive
clayey soil, not a sandy soil. Steps should be taken to prevent water from entering the
backfill regardless of whether or not the soil is expansive or non-expansive. If the
backfill is expansive, then unwanted lateral swelling pressures will be imposed on
the basement wall. If the backfill soil is non-expansive and if a considerable amount
of water collects in the backfill, the water will impose a hydrostatic pressure against
the wall. Water collecting behind the wall can cause damage because basement walls
are seldom designed for hydrostatic pressure unless the basement extends below the
groundwater table.
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�Ponding�� the foundation soil before construction

The principle behind the idea of �ponding�� is to flood the foundation site and keep
it flooded for several weeks so that the water percolates down into the expansive soil
and causes it to �pre-heave��. Although it is a good idea in principle, it has never been
shown to have been successfully applied. If the ponding operation is applied for several
weeks, the result will be that the soil near the surface will be very wet. The foundations
will then have to bear at a depth below this very wet soil because it is likely to have
a low bearing capacity and be highly compressible. In addition, should the ponded
soil ever dry out, the foundation will be subjected to shrinkage, which can be just as
damaging as the distortion that results from heaving soil. Thus, this method is not
recommended.

Soil treated with a stabilisation method

Chemical stabilisation has been used effectively to stabilise highways, airport pave-
ments, and large industrial sites. It has also been used successfully on smaller projects,
such as single lot residences and other small buildings, but it is more expensive on a
per unit basis than for the larger projects, because of the cost of mobilisation of the
necessary plant.

There are two methods commonly employed in chemically treating expansive soils
on small lots. One method is to treat the top 12 to 24 inches by mixing lime, cement,
or flyash into the soil and then recompacting the mixed soil. This mixing operation
requires special equipment which is difficult to operate and manoeuvre on small lots;
hand methods of mixing do not do as good a job as the mechanised mixing methods.
This method also requires laboratory testing to determine the appropriate amount of
chemical to mix with the soil to produce the desired effect. However, these chemicals,
when used in the proper proportions, properly mixed, and properly applied to the
soil, are known to effectively reduce the amount of shrinkage and heave which the soil
might experience if not treated.

The second commonly used method of chemically treating expansive soils is to
inject pressurised slurry of water and lime, cement, or flyash to depths of a few metres
below the ground. The concept is that the pressure will make the slurry flow through
cracks in the expansive soil and effectively seal the soil to the required depth from
subsequent penetration of water. The slurry is also expected to interact with the clay
particles and reduce the affinity for attracting free water in the same manner as the
surface mixing method does. Pressure injected slurry applications have been found to
be quite successful in many instances; however, there have also been many instances
when the injected slurry seemed to have had no effect on the resulting soil movement.

�Moisture barrier��
A moisture barrier is a structure or material that prevents or retards moisture from
moving into or out of the soil. Moisture barriers are used to either prevent moisture
from migrating from outside the foundation to a location under the foundation or to
prevent moisture from migrating from under the foundation to outside the foundation.
Barriers can also be used to prevent roots from trees or bushes from penetrating beneath
foundations.
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Moisture barriers may be vertical, horizontal, or a combination of horizontal and
vertical. The principle behind a vertical moisture barrier is that, if it is attached to a
foundation, the distance that water must travel to either get beneath a foundation from
the outside or to get out from under the foundation is greatly increased. Because the
soil permeability or hydraulic conductivity is so small, it is hoped that the increased
distance, which means an increased travel time, will not permit the soil water content
to change appreciably from one season to the next and the magnitude of shrinkage or
heave correspondingly becomes only a nominal amount.

A similar principle applies to the horizontal moisture barrier, except that only a
very wide horizontal barrier will produce the same �time of travel effect�� that the
vertical moisture barrier produces. The principal advantage of the horizontal moisture
barrier is that it effectively moves the edge moisture variation distance out from under
the structure to where it is acting under the horizontal moisture barrier, and where
there is less concern if the soil heaves and shrinks.

The combination vertical and horizontal barrier might be employed if it is difficult
to excavate deep enough to place a deep vertical moisture barrier, or if there are lateral
constraints that prevent a full horizontal barrier from being used. One application of
the combination barrier is adjacent to a structure but beneath a flower bed or decorative
bushes, where the vertical barrier is taken deep enough to allow the plants to grow
and then the horizontal barrier is placed beneath the bushes or flower bed which tends
to prevent any overwatering from being transported to beneath the foundation.

Other things that can be done to avoid or mitigate any damage

Many things can be done in the design and construction of new buildings that can
prove to be beneficial to the long-term acceptable performance of the structure. One
of the first things that must be decided is, how much movement, and what effects of that
movement, can be tolerated? A stiffer or stronger foundation, particularly with respect
to slab foundations, will permit less deflection or distortion in the superstructure of
the building which, in turn, will lead to fewer cracks.

Large shrubs, and especially trees, should not be planted close the building. Smaller
bushes or flowerbeds adjacent to the house or building should not be watered by
�ponding�� water in the bed where the bushes or flowers are growing. Trees should be
planted so that the drip line of the tree at maturity is still several feet from the edge
of the building. If the location of the mature tree�s drip line cannot be determined in
advance, then a rule of thumb that seems to work well is to plant the tree a distance
from the building equal to the mature height of the tree.

Downspouts should discharge at least 1.5 m away from the edge of the structure.
Downspouts must also carry water over, and discharge some metres beyond the edge of,
any backfilled excavation adjacent to the building, such as for a basement. Porches,
steps, sidewalks, patios, and driveways should not be physically connected to the
building. These minor structures will move differentially with respect to the house and
this can result in damage. Make sure that water cannot pond or pool adjacent to or near
the foundation. If a swale was constructed across a property to carry surface runoff
water from lots at higher elevations to a storm water sewer or channel, do not alter or
change it. Ensure that the gutters and downspouts on the buildings are clean and clear
of debris. Make sure that debris or other material has not accumulated in any swales
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Figure 8.34 (a) Geological section; (b) Estimation of action zone (After Gusmªo Filho et al., 2002)

that cross the property. Maintaining relatively constant soil water content is a very
important task in mitigating or reducing soil shrinkage and heave. This means watering
more during hot, dry periods, but it also means continuing to water during cooler ones.

8.3.9 Case histories

Gusmªo Filho et al. (2002) described two cases which occurred in school buildings,
called CAICs (Centers of Integral Education of Children), in the Northeast region of
Brazil. The CAICs were similar, with one floor and column loads of approximately
100 kN. They are located in small villages inland to assist the low income population.
In this region, seasons produce significant differences in rainfall, so climates vary from
super-humid to semi-arid classifications. In this region there are many examples of
collapsible and swelling unsaturated soils.

Case history 1

This was where the CAIC/Laranjeiras was constructed, in the Sergipe, Brazil. The
geological profile is shown in Figure 8.34:

� Bedrock of limestone, with some degree of weathering and fracturing;
� Residual soil of limestone shows the typical horizons. A transition from horizon

C to B is typical of saprolitic soil. The rock appears much altered and can easily
be broken by hand. The B horizon has very fine texture and fracturing when it
is exposed. Its surface in cuts shows undulation due to the action of water on
the clay material. The A horizon is the superficial residual soil, being clayey with
contraction fissures up to 1 cm across, dark colour and roots. This indicates a
highly expansive material;

� Formation Barreiras was deposited over the residual soil and comprises sediments
of varied textures. The tops of the hills are made of clay sedimentary deposits; they
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have a red colour with many pebbles. A layer of quartz pebbles can be observed at
the contact with the residual soil. The terrain shows a much altered residual soil of
limestone with cream colour. Several cracks are observed in the ground alongside
and parallel to the slopes. On the limestone in the hill, deposits of clay sediments
with many quartz pebbles caneasily be seen.

Twelve borings were made in the area of the CAIC buildings. They show an initial
layer of clay, locally called �massapŒ��, which is dark in colour, with a consistency
increasing with depth and thickness around 2 m. This is underlain by a 3 m thick layer
of light yellow medium to stiff silty clay with fine sand, beneath which is the highly
decomposed limestone rock.

The terrain is a plateau with higher ground around, so the buildings will be founded
in residual limestone soil with a high probability that the soil will be expansive. The
investigation programme was planned as follows:

� Two holes (� = 10 cm) to collect samples from depths of 0.5, 1.0, 1.5, 2.0 and
2.5 m;

� Natural moisture content test in all samples collected from the two holes (see
Figure 8.34b;

� Wet particle size distribution and index tests to define the clay fraction and limits
WL, Wp and Ws in the samples collected at depth 0.5 m (dark �massapŒ��), 1.5 m
(�massapŒ��) and 2.5 m (light yellow silty clay);

� Compaction test, CBR and expansion test in samples from the Formation
Barreiras, in a given section at two different depths.

Special expansion tests in the �massapŒ�� clay were not requested since they take
a long time. The results of index tests and field evidence allow the swell potential
of the soil to be estimated and suggest solutions for foundations, pavements, buried
pipes, etc.

The results for both holes are presented in Table 8.19, and these data allow the
swell potential of the soil to be estimated. According to Holtz and Gibbs (1954),
the swell potential can be taken as medium to high based on the Ip and high based on
the grain size (percentage of fines). Seed et al. (1962) considered the Activity, so the
soil is medium to a depth of 1 m and high at greater depths.

Predictions of swelling are all subject to errors (O�Neill and Poormoayed, 1980).
The method of Vijayvergiya and Ghazzaly (1973) yields percentage swell of a clay
sample in a consolidometer, under a 10 kPa surcharge, as a function of moisture content
and liquid limit, in the form of a graph, giving the free swell percentage �s1��. The
method of Seed et al. (1962) gives percentage swell of a clay sample, compacted at
near optimum moisture content, under 1 kPa surcharge in anoedometer, giving a free
swell percentage �s2��. The results are shown in Table 8.19.

In the Vijayvergiya and Ghazzaly method (1973), the values in hole #01 are sim-
ilar, giving an average of 1.8%. However, in hole #02, the values are quite different,
from >10% to 3%, with an average around 6%.

In the method of Seed et al. (1962), the values for hole #01 range between 2.7%
and 6.8%, with an average of about 4%. In hole #02, the two values are more
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Table 8.19 Results from holes #01 and #02 � Case history 1 (after Gusmªo Filho et al., 2002)

Swell (%)

Hole Depth (m) IP (%) % < 1 µm Activity* Wnat (%) WL (%) s1** s2**

01 0.0�0.5 20 30 0.83 18.5 39 1.8 2.7
0.5�1.0 20 35 0.74 21.3 38 1.3 2.9
1.0�1.5 29 30 1.16 24.2 57 2.2 6.8
1.5�2.0 24 � � 26.3 57 2.0 �
2.0�2.5 23 35 0.77 26.6 57 1.5 4.2

02 0.0�0.5 19 32 0.79 8.1 40 >10 2.4
0.5�1.0 17 41 0.52 11.3 38 6 �
1.0�1.5 17 � � 11.7 38 6 2.1
1.5�2.0 19 � � 15.1 38 3 �

*Activity = IP � [%<2 µm � 10%]
**s1 = free swell percentage (Vijayvergiya and Ghazzaly 1973), s2 = 3.60 × 10�5 × D2.44 × C3.44 (Seed et al., 1962),
where C = % < 2 µm and D = IP/[C � 5%].

consistent and the average is around 2.25%. The depth of the active zone can be
assumed where the moisture content does not vary with the seasons.

In summary, various methods have been used to determine the swell potential of
the material. The results showed a soil having medium to high swell potential.

From the natural moisture content it is estimated that the active layer is about
2.5 m thick, within which the natural moisture content is lower than the plastic limit,
explaining why the surface has tile cracks. This layer of soil is susceptible to volume
change due to seasonal variation of moisture content. A suitable remedial measure is
to excavate the expansive soil and replace it with an inert soil in order to ensure the
safety of foundations, pavements, and buried pipes.

Case history 2

The second case was recorded in Nossa Senhora do Socorro/Sergipe where another
CAIC structure was built. The terrain has a very uneven topography, with 8 m differ-
ence in level between the children�s school and the platform below where the rest of
buildings are located (Figure 8.35).

The exposed slopes allowed the Formation Barreiras to be identified in the area.
The surface soil is a cream colour with 1 m thickness, having a pebble horizon sepa-
rating it from the lower layer. This is a red lateritic clay and silt matrix. It shows the
presence of gravel, included in the laterite, indicating the f1uvial origin of the soils.

At the middle of the cut slope, there is a change to a �massapŒ�� clay, which is a
type of soil very different from the other soils found in Formation Barreiras.

On the platform, at a depth of 8 m, cracks were observed and some slopes also
were fissured indicating their instability. Fifteen borings were made in the area of CAIC
buildings. Only two of them were located in the high part of the terrain, including the
Formation Barreiras. The other borings were made at platform level. Underlying the
Formation Barreiras is a silty clay of variable consistency, around 1�2 m thick, followed
by the �massapŒ�� clay which also varies in consistency.
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Figure 8.35 Case Number 2: (a) Geological section (b) Estimation of action zone (After Gusmªo Filho
et al., 2002)

The following investigation programme was established in the location of
buildings:

� Two holes (�� = 10 cm) to collect samples at depth of 0.5, 1.0, 1.5, 2.0 and 2.5 m;
� Natural moisture content test on all samples collected from the two holes;
� Wet particle size distribution and index tests to define the clay fraction and limits

WL, Wp and Ws in the samples collected at depth of 0.5, 1.5 and 2.5 m.

As for Case history 1, special expansion tests were not requested since they take a
long time. The results of index tests and field evidence allow the swell potential of the
soil to be estimated and suggest solutions for foundations, pavements, buried pipes,
etc. The results for each hole are presented in Table 8.20, and thesedata allow the swell
potential of the soil to be estimated.

According to Holtz and Gibbs (1954), if the Ip of the soil is used as the basis of
classification, the swell potential of hole #01 can be taken to be medium to high, and
the swell potential of hole #02 is low. Using the activity to classify the swell potential
(Seed et al., 1962), in hole #01 it varies from low to high as the depth increases, whereas
in hole #02, the swell potential is low at all depths. Figure 8.35b shows the moisture
content and plastic limit versus depth, from which the active zone is estimated to reach
2.5 m depth in hole #02.

The swell can be predicted, but not with a great deal of confidence, as was
shown before. Table 8.20 shows the free swell percentage according to the method
of Vijayvergiya and Ghazzaly (1973), and Seed el al. (1962). Both of them show wide
scatter in the final results.

Using the Vijayvergiya and Ghazzaly (1973) method, the values for hole #01 vary
by a factor of 10, giving an �average�� of 3.2%. In hole #02, the numbers are higher,
between 6% and 10% with an average of 7.3%.
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Table 8.20 Results from holes #01 and #02 � Case history 2 (After Gusmªo Filho et al., 2002)

Swell (%)

Hole Depth (m) IP (%) % < 2 µm Activity* Wnat(%) WL(%) s1** s2**

01 0.0�0.5 14 36 0.39 9.30 32 4.5 0.8
0.5�1.0 19 � � 16.9 33 � �
1.0�1.5 24 34 0.71 28.6 41 0.4 2.9
1.5�2.0 30 � � 29.7 69 � �
2.0�2.5 39 58 0.67 29.9 64 1.5 15.8

02 0.0�0.5 12 43 0.28 5.70 29 10 0.67
0.5�1.0 NP � � 6.10 NL � �
1.0�1.5 9 35 0.26 6.70 27 6 0.27
1.5�2.0 13 � � 7.40 27 � �
2.0-2.5 13 24 0.68 10.30 36 6 0.78

*Activity = IP � [% < 2 µm � 10%].
**s1 = free swell percentage (Vijayvergiya and Ghazzaly 1973), s2 = 3.60 × 10�5 × D2.44 × C3.44 (Seed et al., 1962),
where C = % < 2 µm and D = IP/[C � 5%].

In the method of Seed et al. (1962), the values are quite different in hole #01,
ranging between 0.8 and 15.8, while in hole #02 they are more consistent. Taking the
active zone as 2.5 m deep, the total surface swell is less than 0.5 cm using the Seed et al.
method in hole #02.

The site for the CAIC building had evidence of being expansive soil. Many methods
were used to show the special character of the soil, although the soil was not extreme,
having a low swell potential. A suitable remedial measure is to excavate the expansive
soil and replace it with an inert soil in order to ensure the safety of foundations,
pavements, and buried pipes.

8.4 INDIRECT (DEEP) FOUNDATIONS

8.4.1 General concepts

All types of piles which are used in sedimentary soils and weak rocks can be used in
residual soils. The main differences are in the design parameters required to calculate
a bearing capacity for the pile. As discussed elsewhere, many of the standard relation-
ships which apply to sedimentary soils do not apply to residual soils because of their
history. For example, the conventional relationships between vertical and horizontal
stress will not apply where a rock, with high built-in stresses due to tectonic action,
weathers to a residual soil. This will in turn affect the shaft friction which can be
mobilised on the outside of a pile.

It should also be noted that, in many parts of the world where there are no tropical
residual soils, extensive soil investigation, laboratory testing and research over many
decades have produced a wealth of knowledge on the fundamental properties of soils.
This applies to such soils as the London Clay, Boston Blue Clay, many Scandinavian
soils and others. The sampling and testing has been of high quality, and has been sup-
plemented by in situ tests, many with sophisticated instrumentation. It will also be
shown later that some European countries have built up significant databases using
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advanced in situ testing such as the Cone Penetrometer Test (CPT) or the pressuremeter
test (PMT), tied to results of static pile load tests. By comparison, many of the coun-
tries where tropical residual soils are prevalent have less well developed geotechnical
databases, and this often starts with the basic soil investigation. For example, whereas
in stiff clays in Europe it is standard to take undisturbed samples and carry out triaxial
testing in the laboratory, in Asia it is more common to rely upon the Standard Pen-
etration Test, often carried out with poor quality equipment. This means that design
methods for piles rely in turn on empirical methods and relationships, because funda-
mental relationships cannot be determined without the parameters on which to base
them.

Even this is not as easy as it might be. The Standard Penetration Test itself was
developed for the testing of granular soils, and it is normal to stop the test once a soil
layer has been proved to be very dense, which is equivalent to a total of 50 blows
for a penetration of less than 300 mm. It has since been extended to test cohesive
soils, and empirical relationships between blow count N and consistency have been
derived and published. It is also widely used in weak rocks, and the work of Stroud
(1974, 1988) has established widely accepted correlations. But is there any reason
why the same correlations should apply to residual soils? The way in which the soils
are produced, by decomposition of a massive rock rather than by deposition and
consolidation, would suggest that there may be differences. It should also be noted
that the processes at work turning sedimentary soils into rocks are ones which produce
an increase in density, while the weathering process will often produce a reduction in
density as chemicals are leached out. As a result the standard definitions of dense and
very dense will not apply to residual soils, and in some areas it is common to continue
the Standard Penetration Test, and to get meaningful results, with blow counts of up
to 200. Nevertheless this leads to very heavy wear on the equipment, and certainly the
risk that counting may not be too accurate.

Gradually local correlations are being built up based on experience in tropical
residual soils, but often this cannot be linked to conventional strength testing because of
a lack of comparative data. It is really up to each country to develop their own empirical
correlations based on local geology, to publish these within local networks such as
conferences and seminars, and to work with neighbours to find common ground in
their correlations. Some work was done in the 1980s to establish relationships between
shaft friction and pile/soil displacement, often called t-z curves, for soils and weak rocks
including tropical residual soils in Singapore, and to relate these to ranges of SPT N
values. Much of the work in Hong Kong has been reviewed in the two editions of the
piling guide, Foundation Design and Construction (GEO 1/2006).

For historical reasons, much of the pile design work in tropical residual soils is
based on the concept of undrained shear strength, correlated with shaft friction through
a coefficient �, hence these methods are often called the � methods. The SPT N value
is then converted empirically to undrained shear strength, and this to shaft friction
by multiplying by an appropriate value of �. This concept was initiated by Skempton
based on work in London Clay, but has been extended by others and has been shown
that � decreases with increasing shear strength. Unfortunately there is no valid reason
why the values derived by Skempton for London Clay, and others for sedimented soils,
should apply equally well to tropical residual soils, bearing in mind their very different
mode of formation and structure.
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In fact, the other group of methods, often called the 
 methods, based on effective
stresses, is more likely to be suitable for tropical residual soils, where the weathering
process has contributed to the permeability which allows relatively fast drainage of
excess pore pressures caused during pile installation.

Displacement piles

All types of displacement piles are used in tropical residual soils, including concrete,
cast in situ and precast, and both reinforced and prestressed, steel in a variety of
shapes including H- or I-sections and pipes, and timber. Steel sections have special
design problems, such as how to calculate the end bearing component of an I-section
or a pipe, which depends on the balance between the maximum shaft friction available
against the surface of the pile and the end bearing of a larger area, such as the whole
square for an I-section or the whole circle for a pipe. This determination is further
complicated by the differences between static and dynamic behaviours, such that a
pipe pile may be plugged statically at a certain length, where the internal shaft friction
is enough to overcome the end-bearing over the whole area, and yet the plug continues
to rise up under driving because the dynamic action reduces the shaft friction.

Driven piles are often noted to be affected by �set up�� or �soil freeze��, in which the
capacity in both shaft friction and end bearing is reduced by the excess pore pressures
mobilised during driving. As these dissipate, the capacities are noted to increase. At
the site of the Bishan Depot for the Singapore MRT, a large number of square section
precast concrete piles had been driven into the weakly cemented sand called the Old
Alluvium. When dynamic pile testing was attempted a few days later, most of the pile
heads broke before any measurable pile movement could be achieved, because of the
set up which had gripped the outside of the pile.

At another site in the Gulf of Thailand, steel pipe piles were being driven with a
hydraulic hammer from flying leads for a mooring dolphin at a fuel unloading facility,
but the piles, which were being continuously monitored by dynamic pile testing, failed
to reach the required capacity. Driving was stopped when the instruments, near the top
of the pile, were about to become submerged in sea water. The piles were already 45 m
long, to pass through sea water and mud before reaching firm founding strata, and
were extended by welding on another 12 m length over the following day. By the time
driving started again, some 36 hours from when it had stopped, it was not possible to
drive the pile any further and the dynamic pile testing showed that the pile had more
than reached the required capacity.

Dynamic pile testing has given us a unique opportunity to investigate this phe-
nomenon practically in the field, since we can now make good estimates of pile capacity
at any instant of time, from the end of initial driving till as long as we want to wait
and carry out a restrike. This is an invaluable tool in finding the optimum length and
driving conditions for any pile, since the pile design is always for the long term value
and we do not need to be concerned if the capacity at the end of initial driving is lower.
However the problem will always occur, both for land piles and in marine applications,
that it becomes extremely difficult to get the driving plant, be it a crane or a barge,
back onto the previously driven pile. It therefore becomes necessary to carry out local
calibrations, on as many piles as possible and with varying lengths of delay, to find
the capacity at end of initial drive which will lead to the required final capacity after
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Figure 8.36 Relationship between set per blow and ultimate pile capacity by dynamic formulae

a period of time. This sort of data can very usefully be built up locally, and shared
through local publications, conferences and seminars.

It has been noted that, of the many dynamic formulae available, there is a very
strong tendency throughout South East Asia, and further a field, to favour the Hiley
formula over all the others. Figure 8.36 shows the relationship between set per blow
and ultimate pile capacity for a selection of 7 well known dynamic formulae. It is to
be expected that each formula has, for at least one set of conditions related to hammer
type, pile type and soil type, given acceptable results, since all are essentially empirical.
It is equally to be expected that no single formula will work with equal accuracy for
all types of hammer and all types of pile material in all types of soil. It is recommended
that dynamic pile testing is used to give a more reliable indication of capacity, and
that a suitable calibration is then obtained for a dynamic formula which gives the best
agreement.

Replacement piles

One of the major problems with replacement piles in tropical residual soils, in this case
often bored piles, has been the presence of corestones or boulders within the weathered
rock profile. This led historically to the use of techniques such as the hand dug caisson,
in which a man excavated the soil and weathered rock about 1 metre vertically at a
time, from the top downwards. The spoil would be shovelled into a small skip, hauled
to the surface and tipped by his partner, often his wife. As he went, he would build
a support with in situ concrete, formed behind a tapered shutter. Next morning, as
he continued the excavation, the formwork would drop away from the taper and was
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stored for later reuse. Any boulders encountered in the sides of the hole would be
broken away by percussive drilling and chiselling, until hard rock was encountered
over the whole base. Even then it was necessary to prove that the base was not another
isolated boulder in a soil matrix, and this was done by drilling a small rotary percussive
hole through the base for about 3 to 5 metres. If soft ground was found, the hole was
excavated until hard rock was again encountered over the whole of the base, and the
proving process repeated.

Now occupational health and safety issues have taken over, and the practice of
sending a man down a deep shaft is virtually outlawed except under very stringent
safety precautions. It is certainly impractical to excavate shafts in that way. At the
same time, mechanical plant has been greatly improved, and the technology which
allows us to bore tunnels through hard rock has been employed on the picks of drilling
buckets. Nevertheless problems still remain, such as the difficulty of drilling through
hard rock when it is held in a matrix of weaker material, and also of proving hard
rock beneath the base. For a man standing at the bottom of a pile shaft on a layer of
hard rock 30 m below ground level and holding a rotary percussive drill, the process
was quite simple, but try to do the same thing from the surface and it becomes much
more complicated. The best solution is probably to drill from the ground surface at
every pile location in advance of the pile boring, and this was done for each of the
forty-eight piles, separated into two piers, of the Gateway Upgrade Project in Brisbane
(Day et al., 2009). However, in practice, it will prove difficult in many real situations
to persuade the project owner to invest this amount of money in ground investigation,
and it will generally involve a two stage process which absorbs crucial amounts of time.
It is necessary to make a preliminary investigation which will allow the best type and
size of pile to be determined, and to make an estimate of the depth based on available
information. This will then provide the locations for the piles, and the estimated depth
can be used to decide the level at which the boreholes can be terminated. Getting the
required amounts of time and money into a project budget is a major challenge.

8.4.2 Pile design

At this time, with the increased importance of the Serviceability Limit State, under-
standing the performance of a pile under load is probably more important than ever.
According to Baguelin et al. (1978), the in situ testing equipment which helps the most
to visualise the way soil behaves around a pile is probably the MØnard pressuremeter
(MPM). Although this statement was made primarily in respect of sedimented soils,
it is even more applicable when we deal with more complex materials such as natu-
rally structured soils, like weathered rocks and residual soils, which are sensitive to
penetration processes (for SPT or CPT) or sampling methodologies. The possibility of
reaching most ground horizons by pre-boring in the case of the PMT (or MPM) prior
to the insertion of a testing probe and executing the expansion test, allows very reliable
and valuable information to be obtained, expressed as a pressure-displacement curve,
which is very much better than any �simple�� correlation with SPT or CPT.

There are criticisms of this test, bearing in mind that it may be a complex and
time consuming process, for some materials. When dealing with extreme geomaterials,
such as soft clayey soils or loose sands where penetration tests are possible, on the one
hand, and rocks where rock coring and UCS tests for classification purposes are readily
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carried out, the PMT may be of less benefit. However, in IGM (Interface Geomaterials)
or weathering profiles, the criticisms are unfair, or even erroneous. The feasibility of
testing at all in such a heterogeneous environment, and with materials behaving under
particular levels of cementation, and micro- and macro-structures and fabric, makes
this test very valuable.

Piles in residual soils: Effects of installation process

The design of piles in residual soil is usually based on empirical correlations, mostly
using the results of the standard penetration test, regardless of the construction method
of the bored pile (Chen and Hiew, 2006). The use of �rational�� (classical) methods
or empirical solutions for residual soils, adapted from those for sedimented sandy or
clayey soils, may overestimate the shaft friction, particularly with wet construction
processes, and make the evaluation of base resistance very unreliable, dependent par-
ticularly on the cleaning of the pile base before concreting. The empirical correlations
of the unit shaft friction (fs) and base resistance (qb) with SPT-N values, are commonly
used loosely, regardless of the construction method, as follows:

fs = Ks • N (8.35)

qb = Kb • N (8.36)

Ks and Kb are the empirical factors for shaft friction and base resistance, respectively, in
kPa. The Ks values generally vary from 2.0 to 3.0, but need to be treated with extreme
caution. They are genuinely empirical, based on field tests, and therefore strictly relate
only to similar piles, especially in terms of soil type and construction method. Although
it may happen that similar Ks values will apply to residual soils in Singapore, Malaysia
and Hong Kong, for example, there is no guarantee that this is the case. Local tests
will always be required in confirmation but, if that confirmation is achieved, then the
wider database of results may be able to be used. It also needs to be noted that some
authors report the results of tests, where the Ks values refer to what was measured,
whereas others refer to recommended design values, where more conservative values
are used.

Lei and Ng (2007) describe the practice in Hong Kong, where excavated rectangu-
lar barrettes and large diameter bored piles have been commonly adopted, in the last
two decades, as the foundations for tall buildings and heavy infrastructure projects.
There is generally the aim of embedding the tip in sound rocks, because current design
procedures assume a heavy reliance on end bearing for the Ultimate Limit State. When
this is not possible, for technical or economic reasons, piles are designed relying on
shaft resistance in the overlying deep-seated thick saprolites.

For private building works in Hong Kong, shaft resistance in excess of 10 kPa is
not normally permitted by the local regulations, without performing a load test on
site. While some studies into the behaviour of large diameter bored piles in saprolitic
soils are reported in Ng et al. (2001a & 2001b) and Lei and Ng (2007), there is a
re-evaluation of the behaviour in terms of fully mobilised or substantially mobilised
shaft resistance in these local saprolites for rectangular barrettes under bentonite and
circular bored piles, comparing it with other soils elsewhere. In these studies, instead
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of relating the shaft friction to the SPT-N value, by Kb, it is related to the effective
vertical stress by 
. The conclusions are as follows:

a. for the barrettes and bored piles in saprolites in Hong Kong, a moderately con-
servative local displacement for the mobilisation of the ultimate shaft resistance
is found to be approximately 20 mm, which is larger than that found elsewhere;

b. the average Ks and 
 values for barrettes are 1.28 and 0.27, and for bored piles
1.2 and 0.30, respectively;

c. compared with barrettes and bored piles in Old Alluvium, residual soils and
weathered granites in Singapore, and bored piles in residual soils in Malaysia, the
Ks values for barrettes and bored piles in saprolites in Hong Kong are generally
low. The range of 
 values for barrettes and bored piles in Hong Kong is com-
parable only to the 
 values recommended for the design of bored piles in loose
sand elsewhere;

d. compared with non-grouted barrettes and bored piles, shaft-grouted barrettes
and bored piles show a relatively stiffer unit shaft resistance response to local
displacement and a higher ultimate unit shaft resistance.

From a loading test on a barrette in a residual soil named Guadalupe Tuff in the
Philippines, a relatively low value of 
 of about 0.2 was back-calculated by Fellenius
et al. (1999). For the design of bored piles in loose sand, Davies and Chan (1981)
recommend 
 values of 0.15�0.3, and for the design of cast-in-place piles in loose
sand, while others recommend 
 values of 0.2�0.4.

There are several cases reported in the bibliography that indicate a very clear
dependence on construction methods, for the results of pile load tests when founded
in residual soils (Chen and Hiew, 2006; Fellenius et al., 2007; Viana da Fonseca et al.,
2007). The installation of piles by pushing or driving pre-cast units, by using bored
cast-in-place methods with temporary steel casing or with bentonite or polymer as
the stabilising fluid, or by using Continuous Flight Auger (CFA) methods, will lead to
very different soil-pile interaction behaviours.

A series of published papers based on work in South East Asia started from testing
associated with the Singapore MRT in the early 1980s. These included Buttling (1986),
Buttling and Robinson (1987), Buttling and Lam (1988), Toh et al. (1989), Buttling
(1990), Chang and Broms (1991), Phienwej et al. (1994), and Chen and Hiew (2006).
Toh et al. (1989) reported Ks values for the Kenny Hill Formation in Malaysia of about
2.5�2.7 for SPT-N values less than 120 based on nine fully instrumented tested piles.
A study by Chang and Broms (1991) on Singapore residual soil, suggested a design
value of Ks = 2 for SPT-N values of less than 150. Phienwej et al. (1994) carried out
a further study based on 14 fully instrumented bored piles constructed using both
dry and wet methods, and reported a measured value of Ks = 2.3 for SPT-N values
below 120. Tan et al. (1998) studied 13 bored piles constructed using both dry and
wet methods, also suggested adopting Ks = 2 for design purposes, while limiting the
maximum unit shaft friction to 150 kPa.

Note that the Chang and Broms suggestion refers to SPT-N values of 150, while
that of Tan et al. (1998) implies SPT-N values of 75. Both are well above the standard
limit of 50 blows and need to be treated with caution. Whereas in Europe, it is normal
practice to stop the SPT when the blow count reaches 50, in other places, notably
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Hong Kong, it has been the practice to carry on to blow counts as high as 200. One of
the reasons for this is that the SPT was developed for testing sedimented granular soils,
where a blow count of 50 shows a very dense soil and further driving will achieve very
little. In a tropically weathered profile, it may be argued that the way in which the
soil behaves is very different, and that useful information with regard to soil strength
is gained up to higher blow counts. However, great care is needed with the higher
numbers, as there is a great difference between a measured SPT-N value of 175, and
one which has been extrapolated from 50 blows over a penetration of less than 300 mm.
This has become common practice in some areas, but is highly questionable. Unless the
50 blows were achieving a similar penetration for each blow, then there is clearly no
justification for extrapolation. If, for example, blow counts are recorded every 75 mm,
and they show 19, 21, 10 for 30 mm, then some sort of extrapolation may be justified.
However, if they are recorded every 150 mm, and show 6, 44 for 40 mm, they paint
a very different picture. To turn the latter numbers into 50 blows for 190 mm, and
therefore 79 blows for 300 mm, and use this to calculate a shaft friction could be very
misleading.

It is also to be noted that there is widespread concern about the effect of support
fluids, especially bentonite, on the shaft friction achieved. Bentonite is a slippery fluid if
you place your hand in it, and we know that it forms a filter cake on the sides of a hole
in permeable soils, where the water within the fluid flows out into the soil and leaves
the bentonite behind, forming a very low permeability skin which enhances stability.
Both of these factors make designers worry that shaft friction will be reduced. The
major question which remains is �reduced with respect to what?�� Since bentonite is
normally used where other methods, such as boring in the dry, are not applicable, it
is very difficult to obtain two numbers which can reasonably be compared. Equally,
it is not of much help to know that a higher shaft friction could be used by boring in
the dry, if boring in the dry is not practicable. This is also strength of empirical rela-
tionships, because any effects of using bentonite are built into the factors produced by
back analysis of appropriate test results.

This is reinforced by Touma and Reese (1972), who performed load tests on drilled
shafts constructed in sands with the use of slurry. They inferred from the results that
there was no clear reduction of the shaft friction due to use of slurry in construction.

Fleming and Sliwinski (1977) studied 21 pile load tests in clays, 9 pile tests in
sands, and three pile tests in chalk. In clays, the piles were constructed using both
dry and wet methods, and in sands they were constructed using the wet method, and
using temporary casing. Where used, the temporary casings were driven without pre-
excavation with slurry. Fleming and Sliwinski (1977) concluded that in sands, a thin
membrane, or filter cake, is formed at the soil/pile interface. The test results indicated
that shaft friction at high displacements could be reduced about 10 to 30 percent
compared with that developed using a temporary casing; however, they could not
determine if that was because of the bentonite slurry, or because of some other factors,
such as the larger diameter hole left behind when the temporary casing is removed.

CIRIA Report 77 (Fearenside and Cooke 1978) studied seven piles formed in
London clay specifically to check the effects of bentonite on pile capacity; three were
constructed using bentonite and four under dry conditions. There was no evidence
that the use of bentonite adversely affected skin friction. In fact, piles constructed with
slurry had higher capacities than those with the same diameter and length constructed
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Shaft friction for Singapore and Malaysian soils
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Figure 8.37 Variation of shaft friction with displacement

dry. However, it was suggested that this was due to the difference in sidewall roughness
in shafts constructed with slurry using a drilling bucket, compared with shafts drilled
dry using an auger.

As noted above, Phienwej et al. (1994) reported on 14 instrumented test piles
formed in the Kenny Hill Formation in Kuala Lumpur. They summarised the data
onto a plot of normalised shaft friction against normalised displacement, and this is
reproduced as Figure 8.37. Although there is some scatter, it is small considering that
the results from several layers in at least 10 piles on six different sites are included.
It also appears to show a significant difference between the piles constructed wet and
dry, with the dry piles showing a much stiffer response.

Also shown in Figure 8.37 is the shaft friction/displacement relationship, often
referred to as a t-z curve, used in the program RATZ, which performs the same function
as the load transfer relationships referred to by several of the authors listed above
(Buttling, 1990; Chang and Broms, 1991; Phienwej et al., 1994). It can just be made
out that the shaft friction used by RATZ, with an Rf value of 0.99, agrees very well with
the field data for wet piles, marked as PBB wet. In addition, a number of other curves
have been plotted, based on instrumented pile tests on piles formed under bentonite in
Singapore residual soils, taken from load transfer curves in Buttling (1987). These are
seen to lie between the two extremes of the dry and wet curves, with a tendency to be
nearer the wet curve. These curves are all normalised, such that actual shaft friction
values can only be determined if the peak value of shaft friction is known, and this
is where the importance of the Ks value lies. It is very interesting to note that, while
Phienwej et al. (1994) show that the performance of the shaft is much stiffer for piles
constructed in the dry, the data to support the relationship between peak shaft friction
(fsc) and SPT-N value appears to be independent of the process.
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Table 8.21 Ks values for bored piles

Depth range (m) Empirical factor Ks

Piles bored under bentonite
12�18 0.87
18�21 0.45
21�24 1.18
24�26 0.69
Piles bored in the dry
12�20 1.18
20�27.6 3.56
27.6�35.4 0.49

Chen and Hiew (2006) compared the results of static pile load tests on two fully
instrumented bored piles in residual soil, also of the Kenny Hill Formation, using
different methods for temporary support. The residual soil was mostly loose to medium
dense silty sand, with SPT-N varying from 4 to 13. A very hard silt layer with SPT-N
of more than 50 was found at 12 m below the ground surface.

The first was a test pile to failure, 1000 mm in diameter and 27 m long. It was
started with a temporary casing 6 m long and, after the soil inside the casing was
removed by auger, the bore was filled with bentonite slurry. Drilling was completed
with a bucket, and the loose materials at the base were removed using a mechanical
cleaning bucket. Concrete was placed using the tremie method.

The second was a working pile, 1200 mm in diameter and 36 m long. Because of
a deep cut off, a temporary outer casing was installed to debond the upper part of the
pile from the soil. The soil inside this casing was removed, and a concrete was formed
inside this casing about 1 m thick. A smaller diameter casing was then installed and
the boring work continued to the design depth in the dry. Concrete was placed using
the tremie method after the base had been cleaned.

The results of the static load tests were analysed and compared, and it was found
that the shaft friction was higher for the bored pile constructed using the dry method.
The Ks values for different depth ranges in the two piles are presented in Table 8.21.

Chen and Hiew concluded that the Ks values for the dry pile may suggest that a
value greater than 2 could be used, noting that this pile was not tested to failure so peak
shaft frictions were not mobilised. However, it is hard to justify the value of 3, which
they recommend for general use, on the basis of only this evidence. They also conclude
that a lower value should be used for piles bored under bentonite, and suggest a Ks
value of 2. While this is in keeping with the proposals of other authors referred to, as
noted above, it cannot be justified on the basis of their test results. Noting that the piles
were only 5 m apart, and that the larger diameter pile was bored in the dry, it is not at all
clear why bentonite was used in the smaller test pile loaded to failure. Its relevance to
the general design of piles bored under bentonite in residual soil is therefore questioned.

As pile diameters become larger, the relative importance of the end bearing capacity
also increases. This is a point of major concern to designers for a number of reasons:

1 The contribution of the base resistance to the ultimate geotechnical capacity of the
pile can be very significant;
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2 This peak base resistance will usually occur at a significant displacement, which
is often assumed to be about 10% of the pile diameter;

3 This displacement is often an order of magnitude greater than the displacement
required to reach peak shaft friction, and this leads to a potential anomaly when
simply adding peak shaft friction capacity to peak end bearing capacity and
dividing by a simple factor, since the two peak values very rarely coexist;

4 The end bearing resistance which is available in practice is highly subject to quality
of workmanship;

5 One of the common factors, which has been widely written about, is the cleanliness
of the pile base at the time of placing the concrete via a tremie pipe;

6 Another factor, which has received much less attention, is the potential for
loosening of material at the base of the pile by stress relief.

There is significant practical experience to show that, if the base of a pile is not
properly cleaned prior to concreting, then the resulting layer of debris, usually com-
prising silt, sand and perhaps lumps of clay, in a loose state, will lead to sudden
unacceptable pile head settlement once the shaft friction has been fully mobilised.
The means of preventing this are not complicated, but require attention to detail, and
an understanding of the processes involved.

Where bentonite is used as the drilling fluid, this has two main purposes. One is to
maintain stability of the bore in cohesionless soil layers by applying an excess internal
fluid pressure to the inside of the filter cake. The other is to hold soil particles in sus-
pension through the combined effects of fluid density and viscosity. With the particles
in suspension, they can be removed from the hole by exchanging the bentonite col-
umn. Thus the larger particles will fall under gravity and be removed by a mechanical
cleaning bucket, while the smaller particles are distributed vertically throughout the
bentonite column, as a result of the removal and reinsertion of the drilling tool. The
viscosity of the bentonite means that it will take an unacceptably long time for particles
of sand and silt near the surface to settle to the bottom to be removed mechanically. The
correct process is therefore to remove the heavier, dirty, contaminated bentonite from
the base of the pile, clean it in a desanding plant and hydrocyclone, and replace it with
cleaned bentonite at the surface. The removal can be achieved by use of a submerged
pump, but the air lift is generally more popular. Even this simple piece of plant is not
widely understood in practice by the field operatives required to use it, and there can
be a tendency to use too much air. The principle is based on simple fluid mechanics,
which requires that, if a steel tube (the air lift pipe) contains a fluid with air bubbles,
and the fluid outside the tube (in the pile shaft) does not contain air bubbles, then the
difference in density between the two fluids will cause the lighter fluid to rise in the
tube and be replaced at the base by the heavier fluid. For this reason very small air
flows will work, and allow the base to be cleaned without applying high velocities or
suctions. On the other hand, since the clean drilling fluid is lighter than the contam-
inated fluid, it cannot be displaced from above, and all the attempts to pump clean
bentonite down from the surface, even through trumpet-shaped end pieces, will be to
no avail. The table lamps containing different coloured oils, with the warmer, lighter
one rising through the heavier one, are a good demonstration of what will happen
when this is tried in the field.










































































































